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ABSTRACT 

Experimental and analytical research was conducted to investigate the seismic behavior 

of concrete columns with double-head studs as alternative to conventional cross ties 

commonly used in practice. Double-head studs are steel rods with anchor heads at both 

ends. Their advantages over conventional cross ties include enhanced anchorage, 

avoidance of congestion by elimination of hooks, and ease of preparation and installation. 

A special test setup has been designed and constructed at the Structures laboratory of the 

University of Calgary. The main purpose of the test setup is to apply a constant axial load 

while imposing incremental lateral displacement reversals on the free edge of column 

specimens to bend about their weak axis. Nine column specimens with a concrete strength 

of 25 MPa have been tested. The columns' dimensions are 250 x 500 x 1500 mm, and are 

built integrally with a strong over-designed base. The test variables include the type of 

cross ties (double-head studs or conventional cross ties), axial load level, volumetric ratio 

and spacing of transverse reinforcement, and distribution of longitudinal bars around the 

core perimeter and the resulting tie configuration. 

While columns with either type of lateral reinforcement have attained almost the same 

strength, columns with double-head studs have exhibited superior performance in terms 

of ductility and energy dissipation. With axial load levels up to 30% of the column 

nominal axial capacity, columns with lateral reinforcement ratio 50% of the minimum 

permitted by the ACI and CSA Codes have exhibited satisfactory ductile behavior. A 

simple computer program is developed to calculate the moment-curvature relationships 

for column cross sections up to large inelastic deformations. The resulting analytical 

moment-curvature curves are compared with envelope curves of the experimental results. 

The finite element method is used to simulate the behavior of laterally confined concrete 

columns under large inelastic deformations. Experimental data available in the literature 

as well as from the present research are used to verify the finite element model. It has 
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been able to predict satisfactorily the peak load of the experimental results; but it has not 

been possible to predict the descending branch of the load-displacement graph. 
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1 

CHAPTER 1 

INTRODUCTION 

1.1 GENERAL 

Design of reinforced concrete structures to survive a major earthquake is often based on 

the concept that some members can undergo large inelastic deformations and thus 

dissipate energy by ductile behavior, without significant loss of strength. Much of the 

energy is dissipated in predetermined locations in the structure, known as plastic hinges. 

To ensure the stability of the structure and to maintain its axial load capacity during an 

earthquake, most building codes adopt the "strong column-weak beam" concept to ensure 

the formation of plastic hinges in beams. However, a design based on development of 

plastic hinges in columns in severe earthquakes is also possible (Park et al. 1982). 

Moreover, hinging in columns cannot be avoided and is often relied on to dissipate 

energy at the bases in multistory buildings and bridges. Therefore, potential plastic hinge 

regions in columns must be detailed for satisfactory ductile behavior. 

Concrete is an inherently brittle material by nature. However, this adverse property can be 

improved by confining the concrete laterally to increases its ductility. This is generally 

achieved by using adequate amounts of transverse reinforcement in the form of spirals or 

rectilinear ties. Spirals or closely spaced circular hoops provide an excellent confinement 

to the concrete core of reinforced concrete columns. Concrete lateral expansion puts 

spirals under hoop tension, and thus provides continuous confining pressure around the 

concrete core. Unlike circular hoops, rectilinear transverse reinforcement can apply 

confining pressure to the concrete core only near their corners. Between the corners, 

expanded concrete tends to bend the sides of the hoop outward due to their low flexural 

stiffness. Hence, the effectively confined concrete area in case of rectangular columns is 

apparently less than that of circular columns. The confinement mechanism of rectilinear 

ties can be improved by using overlapping hoops or supplementary cross ties. 



2 

During the past two decades, the behavior of concrete columns laterally reinforced by 

conventional cross ties and subjected to either uniaxial or seismic loading has been an 

area of extensive research. Single-leg cross ties anchored by 135 and 90 degree-hooks at 

the ends are commonly used in practice. However, previous research (e.g., Moehle and 

Cavanagh 1985; Sheikh and Yeh 1990) has shown that under high axial load, the 

extremity of the 90-degree hook opens out, destroying the cover, and preventing 

development of the yield strength in the cross tie. Thus, the effectiveness of this type of 

cross ties in confining the concrete is questionable. In addition, confinement of concrete 

in potential plastic hinge regions of columns, according to seismic provisions of building 

codes, requires large amounts of lateral reinforcement. This often results in closely spaced 

ties, which, in addition to the presence of hooks and bends, usually create construction 

problems. Therefore, practical and efficient solutions are needed in the area of concrete 

confinement. 

Figure 1.1 Double-head studs 

Studs anchored mechanically by heads have been used successfully at the University of 

Calgary (Seible et al. 1980; Dilger and Ghali 1981) to resist shear stresses in flat slabs. 

Straight studs with mechanical anchors at each end, as shown in Fig. 1.1, can be used to 

replace conventional cross ties in concrete columns or walls. At the lower end of the studs 
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shown in Fig. 1.1, the stud heads are snug fitted in a steel metal trough that can hold the 

studs at appropriate spacing and speed-up their installation in the forms. To develop the 

yield force in the stud with negligible slip, the area of the anchor head should be large 

enough (9 ~ 10 times the cross-sectional area of the stem). This dissertation presents 

double-head studs as alternative to conventional cross ties in columns. The advantage is 

reduction of the congestion of reinforcement by replacing the conventional cross ties by 

studs of larger diameter and smaller number and by the elimination of the hooks and the 

bends. 

Experiments using shaking tables to simulate the effect of earthquakes could be done only 

on small models. Such models are too small to enable the study of the effect of 

confinement. For this reason, all researchers simulated the seismic behavior of concrete 

columns by static load reversals on full-scale columns. This is the type of experiments 

conducted in the research work presented in this dissertation. 

1.2 OBJECTIVES 

The main objectives of the research project presented in this dissertation can be 

summarized as follows: 

1. To review the previous experimental and analytical research on concrete columns 

under different loading conditions and the current approaches adopted for seismic 

design of concrete columns. 

2. To design and construct a new test setup in the Structures Laboratory at the 

University of Calgary to conduct simulated-earthquake loading tests on concrete 

columns. 

3. To present, through experimental evidence, double-head studs to the construction 

industry as effective and alternative means for transverse reinforcement in columns. 

4. To compare the effectiveness of double-head studs and conventional cross ties as 

confinement reinforcement in concrete columns subjected to seismic loading. 
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5. To investigate the main variables that affect the seismic behavior of concrete 

columns with double-head studs. 

6. To examine the accuracy of the current confinement models to predict the behavior 

of concrete columns with double-head studs. 

7. To evaluate the adequacy of the current seismic provisions of building codes and 

other design guidelines for confinement reinforcement in columns. 

8. To develop a nonlinear finite element model to reasonably predict the capacity and 

post-peak behavior of concrete columns under either concentric or seismic loading. 

1.3 SCOPE 

The dissertation consists of seven chapters. A brief description of each chapter is given 

below: 

Chapter 2 presents an extensive literature review of the previous experimental and 

analytical work conducted on the confinement of concrete columns. The chapter also 

outlines the seismic provisions of building codes as well as other suggested approaches 

recommended by various investigators for the design and detailing of confinement 

reinforcement for columns. 

Chapter 3 describes the test setup, instrumentation, and testing procedure used in the 

experimental program. The geometry, material properties, and reinforcement details of 

the test specimens are also given. 

Chapter 4 presents the experimental behavior of concrete columns subjected to seismic 

loading. The test specimens are subjected to constant axial load and increasing lateral 

displacement reversals. The cross ties in the columns are either double-head studs or 

conventional ties with 90° hooks. The effectiveness of both types of cross ties is 

compared in terms of strength and ductility. 
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Further analysis of the experimental results is given in Chapter 5. The effects of test 

variables on the behavior of column specimens under seismic loading are discussed. The 

requirements for confinement reinforcement in columns according to current building 

codes and other empirical equations are evaluated against the reported experimental 

results. 

Chapter 6 presents the finite element model used to investigate the behavior of concrete 

columns laterally confined with transverse reinforcement. The finite element model is 

verified against the experimental data available in the literature as well as from the 

present experimental program. 

Chapter 7 includes summary and conclusions of the present research as well as 

recommendations for future research. 
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CHAPTER 2 

LITERATURE REVIEW 

2.1 INTRODUCTION 

Confinement of reinforced concrete columns increases their strength and greatly enhances 

their ductility. This is usually achieved by using adequate amounts of confining 

reinforcement in the form of spirals or transverse reinforcement. Since ductility is an 

essential quality of reinforced concrete structures, extensive experimental and analytical 

investigations have been conducted in the area of concrete confinement during the past 

decades. In spite of the numerous empirical models and guideline equations that have 

been developed, there is no consensus to date about an approach to relate the amount and 

detailing of transverse reinforcement to the expected ductility of the concrete columns. 

This chapter summarizes the major experimental investigations conducted on concrete 

columns and the main conclusions reached by researchers. The building codes' provisions 

for confining reinforcement in columns in seismic regions are outlined, along with 

proposed modifications suggested by other investigators. Numerical analyses to simulate 

the behavior of concrete columns under large inelastic deformations are also reviewed. 

2.2 CONCRETE CONFINEMENT 

2.2.1 Background 

Transverse reinforcement in columns are used for the following reasons: (1) to increase 

the shear capacity; (2) to provide confinement to the concrete core; (3) to hold 

longitudinal bars in position during casting; and (4) to prevent premature buckling of 

longitudinal bars. 
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Research in the area of concrete confinement dates back to 1928 when Richardt et al. 

conducted compression tests on 100 x 200 mm cylindrical plain concrete specimens 

laterally confined with hydraulic pressure. It was concluded that the increase in the 

concrete axial strength is proportional to the amount of confining pressure. They 

proposed the following equation for the strength of confined concrete f'cc 

fcc=fco+^fl (2.1) 

where fco = strength of unconfined concrete; and f¡ = uniform lateral pressure. 

However, in practical situations, it is not feasible to achieve this form of active confining 

pressure. Hence, Richardt et al. (1929) extended their work to study confinement of 

circular columns using spiral steel reinforcement. This passive form of confinement 

pressure creates a state of triaxial compression on the concrete core, which enhances the 

shear strength of the member, and hence increases its strength and ductility. 

2.2.2 Confinement Mechanism of Transverse Reinforcement 

Concrete under axial compression expands laterally due to Poisson's effect. When the 

axial compression level approaches the crushing strength of unconfined concrete, 

considerably higher lateral strains develop, because of longitudinal microcracking. Unless 

concrete is properly confined by closely spaced lateral reinforcement, instability of 

compression zone and eventually failure will occur. 

Spirals or closely spaced circular hoops provide an excellent confinement to the concrete 

core of reinforced concrete columns. Concrete expansion puts spirals under axial tension, 

and thus provides continuous confining pressure around the concrete core, as shown in 

Fig. 2.1(a). The continuous lateral pressure f¡ at failure can be computed from the 

following simple expression: 

/ , = 2 / ^ / ^ , 5 (2.2) 
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where f h = yield strength of the spiral; Asp = area of the spiral; and dsp and s 

diameter and longitudinal spacing of the spiral, respectively. 

/ . . / . . 

] 

V 

(a) (b) 

Fig. 2.1 Confinement of concrete: (a) by circular hoops; (b) by square hoops 

Unlike circular hoops, rectilinear transverse reinforcement can apply confining pressure 

to the concrete core only near their corners. Between the corners, expanded concrete 

tends to bend the sides of the hoop outward due to their low flexural stiffness. Hence, 

confinement of concrete results from the arching of concrete between the corners of the 

hoop (Fig. 2.1(b)), and the effectively confined concrete area in case of rectangular 

columns is apparently less than that of circular columns. The confinement mechanism of 

transverse reinforcement can be improved by using overlapping hoops or supplementary 

cross ties. The concrete zones that are unconfined are shaded in Fig. 2.2. This sketch 

indicates that the volume of confined concrete increases by using smaller diameter and 

larger number of tied longitudinal bars and the reduction of tie spacing, s (Sheikh and 

Uzumeri 1980). 
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Fig. 2.2 Confinement of concrete in rectangular columns 

2.2.3 Factors Affecting Confinement 

The effectiveness of confinement provided by lateral steel depends mainly on the 

magnitude and uniformity of confining pressure applied to the concrete core. The 

important factors that affect the degree of confinement are briefly discussed below. 

Amount of lateral steel: The amount of lateral steel is usually expressed as the 

volumetric ratio of lateral steel to the concrete core. It is one of the most important factors 

that affect the degree of confinement. Larger amount of lateral steel means higher 

confining pressure applied to the concrete core and hence greater strength and improved 

ductility. 

Spacing of lateral steel: The effectively confined concrete area is increased with the 

reduction in tie spacing (Fig. 2.2). Also, closer tie spacing, as is generally the case with 

spirals, means more uniform transverse pressure applied to the concrete core; this helps to 
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maintain the integrity of concrete core. Also, smaller tie spacing prevents premature 

buckling of the longitudinal bars. 

Size of lateral steel: The larger the diameter of the bar the higher is its flexural stiffness. 

Accordingly, lateral steel of larger diameter would provide more restraint to the concrete 

core and better support to longitudinal bars against buckling. However, the influence of 

this parameter is not significant since the flexural stiffness of the ties is usually very small 

compared to their axial stiffness. 

Properties of lateral steel: The effectiveness of confinement to concrete core depends on 

the amount of applied lateral pressure, and hence on the yield strength of lateral steel. 

However, building codes generally impose limits on the yield strength of lateral steel to 

be substituted in the code equations. Some researchers (Cusson and Paultre 1994; 

Saatcioglu and Razvi 1998) reported that high-strength lateral steel did not yield at peak 

load in case of poorly confined high-strength concrete (HSC) columns under axial 

loading. 

The effectiveness of confinement depends on the ability of lateral steel to provide 

continuous input of confining pressure to the concrete core and prevent widening and 

propagation of cracks. When the lateral steel reaches its yield strength, no additional 

pressure can be provided with the increase in lateral strain, and the concrete accordingly 

expands without further restraint until the lateral steel strain reaches the hardening zone. 

Therefore, lateral steel with a short yield plateau and higher hardening modulus should be 

more effective than lateral steel with long yield plateau and smaller hardening modulus. 

Similarly, when lateral steel with a stress-strain relationship that has no pronounced yield 

point is used, the confining action is gradually increased with the increase in strain till 

failure. 
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Distribution of longitudinal bars and the resulting tie configuration: Researchers 

prior to 1980 did not consider the distribution of longitudinal bars and the resulting tie 

arrangement as a confinement parameter. This effect was proven to be significant by 

Sheikh and Uzumeri (1980) in the case of columns tested under concentric loading. 

Subsequently, the importance of this parameter was shown by Scott et al. (1982) for 

columns under eccentric loading, and by Ozcebe and Saatcioglu (1987) for columns 

under reversed cyclic loading. The influence of this parameter on square columns was 

first introduced by Sheikh and Uzumeri (1982), using the concept of "effectively confined 

core area." For the same amount of lateral steel, the area of effectively confined concrete 

is increased by using a larger number of smaller diameter longitudinal bars distributed 

around the core perimeter, as illustrated in Fig. 2.2. 

Anchorage of cross ties: The type of tie hook was found to affect their ability to develop 

their yield stress, and hence the confinement pressure applied to the concrete core. Sheikh 

and Yeh (1990) reported that cross ties with 90° hooks tended to open out at large strains 

since the tie extremity was not bent inside the concrete core. That resulted in overall 

column behavior that is even worse than other configurations where middle bars were not 

tied at all. 

Concrete strength: The efficiency of confinement in improving the ductility and the 

strength of the concrete core is significantly reduced with the increase in concrete 

strength. This is due to the fact that the lateral expansion of high-strength concrete (HSC) 

is significantly less than that of normal-strength concrete (NSC) due to its higher modulus 

of elasticity and its lower internal microcracking (Cusson and Paultre 1994). This in turn 

results in smaller strains in lateral steel, and hence reduced confining pressure applied to 

the concrete core. Moreover, HSC exhibits more brittle behavior than NSC after attaining 

its peak stress; thus it requires a higher amount of lateral steel to achieve the same level of 

ductility. 



12 

Strain rate: During an earthquake, very high compression strain rates in excess of 

0.05 s _ 1 may be experienced in plastic hinge regions of structures (Paulay and Priestley 

1992). High strain rates in concrete result in an increase in the stiffness and strength, and 

a decrease in the strain at peak stress. In addition, the descending branch of the stress-

strain curve of confined concrete has been found to be steeper under high strain rates 

(Scott et al. 1982; Mander et al. 1988a). 

2.2.4 Alternative Approaches to Transverse Reinforcement in Columns 

Building codes requirements for confinement reinforcement in columns located in zones 

of potential seismic activities often result in closely spaced ties, with supplementary 

overlapping hoops or cross ties to ensure adequate ductile behavior. The hoops and cross 

ties are usually provided with either 90-, 135- or 180-degree bends and minimum 

specified extensions. This configuration of ties combined with the heavily congested 

column cages usually results in construction problems related to placing and compaction 

of concrete as well as the associated labor cost. Therefore, researchers were motivated to 

explore practical and cost-effective solutions to reduce the construction difficulties 

associated with conventional ties. In the following, a brief description of three alternative 

approaches for confinement of concrete columns is presented; namely, welded 

reinforcement grids, fiber reinforced polymer grids, and double-head studs. More 

attention is given to the usage of double-head studs, since they were used in the 

experimental part of this dissertation. It should be noted that this section deals only with 

approaches to confine concrete columns with embedded reinforcement; other means for 

external confinement of columns such as Fiber Reinforced Polymer (FRP) wrapping and 

steel jacketing are beyond the scope of this dissertation. 

2.2.4.1 Welded Wire Fabric (WWF) and Welded Reinforcement Grids (WRG) 

WWF are made of cold drawn wires spot-welded at their joints to form square or 

rectangular grids, as shown in Fig. 2.3. At the exterior perimeter, the wires protrude by 

few millimeters to enable their welding. WWF are often made from small-diameter wires 
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ranging from 1.5 to 5 mm, and hence tend to be less ductile than larger rebars. Therefore, 

their use in the construction industry is still limited especially for structures in seismic 

zones because of their limited ductility. The geometric details and manufacturing process 

of WRG are similar to those of WWF. The primary difference between the two types is 

that WRG use larger size of bars, which in turn results in more ductile stress-strain 

relationships of steel used. Advantages of use of WWF and WRG as transverse 

reinforcement in columns include ease of cage assembly, fast installation, dimensional 

accuracy, reduction in labor cost, and avoidance of steel congestion due to elimination of 

bends and hooks. Mau et al. (1998) used WWF (Fig. 2.3) as transverse reinforcement in 

columns. The WWF were placed transversely in columns in parallel stacks with uniform 

vertical spacing without longitudinal bars. They reported that the strength of concrete 

could be enhanced only i f small enough spacing-to-width ratios of WWF are used. 

Saatcioglu and Grira (1999) and Lambert-Aikhionbare and Tabsh (2001) used the same 

arrangement of Mau et al. but for WRG as transverse reinforcement for NSC and HSC 

columns, respectively, subjected to simulated earthquake loading. The longitudinal bars 

were lodged at the corners and intersections of the grids. Their test results indicated that 

columns with WRG showed slightly improved behavior in terms of strength and ductility 

than those with conventional ties. 

• a, ,n n n n 

Fig. 2.3 Geometric details of WWF and WRG 
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Razvi and Saatcioglu (1989) used WWF either in combination with peripheral hoops or 

without as transverse reinforcement in columns. They tested small-scale columns (160 x 

160 mm in cross section) with different reinforcement arrangements, as illustrated in Fig. 

2.4. It was concluded that the use of WWF improves the concrete strength and ductility 

significantly but WWF are not effective in providing lateral support to longitudinal bars if 

used without peripheral hoops. 

Ties with 90° hooks welded at overlaps 

Fig. 2.4 Reinforcement configurations of WWF tested by Razvi and Saatcioglu (1989) 

2.2.4.2 Fiber Reinforced Polymer Grids (FRPG) 

The geometric details of FRPG are similar to those of WWF and WRG (Fig. 2.3), except 

that the cross section of the bars is rectangular. FRPG have the same advantages as those 

of WWF and WRG; in addition, FRP is a non-corrosive material with low specific gravity 

that makes it favorable in transportation and placement. Recently, Grira (1998) used 

FRPG as transverse reinforcement in columns subjected to simulated seismic loading. 

The FRPG were NEFMAC™ type made by impregnating continuous carbon fibers with 
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vinyl ester resin. It was concluded that properly confined FRP columns conforming to the 

spacing and volumetric ratios requirements of the ACI 318-02 Code showed ductile 

responses and drift capacities of 2% and higher. However, It was observed that the failure 

of the columns was characterized by premature failure of the grid joints, and hence it was 

recommended that a stronger FRP grid joint is needed by using either stronger epoxy 

resin or round continuous fibers. 

2.2.4.3 Double-Head Studs 

Studs anchored mechanically by heads have been successfully used at the University of 

Calgary (Seible et al. 1980; Dilger and Ghali 1981) to resist shear stresses in flat slabs. 

Studs with mechanical anchors at each end, as shown in Fig. 2.5, can be used to replace 

conventional cross ties in concrete columns or walls (Fig. 2.6). The area of the anchor 

head should be large enough (9-10 times the cross-sectional area of the stem) to develop 

the yield force in the stud with negligible slip. 

Fig. 2.5 Double-head studs 

Usage of double-head studs to replace conventional cross ties has the following 

advantages (Ghali and Dilger 1998): 
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1. The full yield strength of the stud can be employed immediately behind the anchor 

head, unlike the conventional ties where the yield strength, if developed, will be at 

some distance away from the bend. 

2. Hooks and bends require a bar of larger diameter, running in the perpendicular 

direction to the plane of the bend, to enhance the anchorage. When studs are used, 

their heads secure sufficient anchorage without the need for such enhancement. 

3. Studs are more efficient in preventing the widening of inclined shear cracks. 

Compared to a tie leg, a stud anchored as close as possible to the outside surfaces of a 

member is longer, and thus can intersect more cracks. Furthermore, higher nominal 

shear strength resisted by the concrete can be allowed in design when studs are 

employed. 

4. Unlike conventional cross ties, which have an upper limit on their diameters to 

facilitate the production process, no such limits exist on the diameters of double-head 

studs. Therefore, congestion of reinforcement is avoided with the elimination of 

hooks and bends and the usage of a small number of larger diameter bars. Moreover, 

preparation of reinforcement and placing of concrete is simplified; thus labor cost is 

reduced when studs are used in place of conventional ties. 

5. Since studs do not require vertical bars to be lodged behind the anchor heads to 

enhance their anchorage, vertical bars in structural walls do not need to follow the 

locations of the studs. Figure 2.6 shows two alternative arrangements of double-head 

studs with respect to the flexural reinforcement. By allowing the arrangement in Fig. 

2.6(a), the flexural capacity of the concrete section is increased, as the vertical bars 

are placed closer to the wall faces. However, the arrangement in Fig. 2.6(a) should 

only be used in situations where buckling of vertical bars is not of a concern; i.e., 

where vertical bars are expected to carry small compression stresses. 
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Fig. 2.6 Two alternative arrangements of double-head studs with respect to other 
reinforcements in walls and columns 

2.3 DUCTILITY AND ENERGY DISSIPATION ASSESMENT 

Ductility is defined by the ability of a structure or its members to deform beyond its 

elastic limits without much strength or stiffness degradation. It includes the ability to 

sustain large inelastic deformations and to dissipate energy through hysteretic behavior. 

Therefore, ductility is an essential property to control the damage of the structure or to 

safeguard against its collapse during major seismic action. According to current building 

codes (ACI 318-02; CSA-A23.3-94; NZS 3101: 1995) inelastic deformations are 

expected to occur in structures subjected to earthquakes. Allowing some inelastic 

deformations to take place at pre-determined locations in the structure permits the design 

to be for a reduced base shear force that leads to smaller-size concrete sections and 

savings in the total cost of the structure. In other words, the ability of the structure to 

sustain severe earthquakes depends mainly on the formation of plastic hinges and their 

capacities to dissipate energy without significant loss of strength. 

To ensure the stability of the structure and maintain its capacity to sustain gravity loads, 

building codes require that the inelastic deformations take place in beams rather than in 
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columns. This is known as the "strong column-weak beam" concept. However, formation 

of plastic hinges in columns cannot be avoided during strong earthquakes (Park et al. 

1982; Paulay 1986) due to the following reasons: (1) additional strength enhancement in 

beams due to strain hardening of steel and contribution of slab reinforcement; (2) 

influence of higher modes of vibration may alter the bending moment distribution among 

frame members; (3) differences between bending moment diagrams derived from elastic 

analyses and those during seismic excitation; and (4) bidirectionality of seismic actions. 

Moreover, at the column bases in multistory buildings and bridges, hinging in columns 

cannot be generally avoided, and it may even be relied upon to dissipate energy. 

Therefore, potential plastic hinge locations of columns must be detailed for ductile 

behavior. This is generally achieved by using adequate amounts and proper detailing of 

transverse reinforcement in the form of spirals (circular columns) or rectilinear ties 

(square or rectangular columns) to confine the concrete core of the column. 

2.3.1 Ductility Factors 

It is necessary to quantify the available or expected ductility of a structural member and 

to establish guidelines to relate the ductility of member to its expected performance 

during large inelastic deformations. Ductility factors can be expressed in terms of strains, 

displacements or curvatures, as will be discussed below. 

2.3.1.1 Strain Ductility Factor 

The strain ductility factor p E is usually used as a measure of deformability of concrete 

columns under axial compression. The definition of this parameter differs among 

researchers. Yong et al. (1988) define p e =e 8 5 / s c c , where s 8 5 and s c c = strains of 

confined concrete corresponding to 15% strength decay and peak stress, respectively. 

Saatcioglu and Razvi (1998) use similar expression: p E =e 8 5 / s c o , where e c 0 = strain 

corresponding to peak stress of unconfined concrete. On the other hand, Cusson and 
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Paultre (1994) express f i e as the ratio s 5 0 / s c c , where s 5 0 = strain corresponding to 50% 

strength decay of confined concrete. 

2.3.1.2 Displacement Ductility Factor 

The displacement ductility factor p A is sometimes referred to as the ""structure ductility 

factor" since it describes the extent of post elastic displacement of the structure. This 

factor is often expressed by the ratio A m a x / A ^ , where A ^ and Ay are the maximum 

and yield displacements, respectively. In case of bilinear behavior, A m a x and A^ can be 

easily defined. However, in case of reinforced concrete members, the behavior is 

typically as shown in Fig. 2.7, and the definitions for A m a x and A are subjective. 

Ay A m a x displacement, A 

Fig. 2.7 Definition of yield and maximum displacements (Sheikh and Khoury 1993) 

There is consensus among researchers to define A ^ as the displacement corresponding 

to either first hoop fracture or 20% strength decay of the lateral load capacity, whichever 

happens first. On the other hand, definition of A^, varies among researchers. Some 

researchers (Saatcioglu and Ozcebe 1987; Saatcioglu and Baingo 1999) determine the 

yield displacement visually during testing as the displacement at which a significant drop 
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occurrs in the slope of the force-displacement relationship, which indicates significant 

yielding of the column as a whole. In another approach, Sheikh and Khoury (1993) and 

Bayrak and Sheikh (1998) use the average envelope curve of both directions of the 

hysteretic relationship of lateral load versus displacement. Figure 2.7 shows a graphical 

construction to define A . Paultre et al. (2001) use the same approach, but the straight 

line with slope K crosses the envelope curve at 75% of F ^ a x , where P^ a x is the 

summation of plus the equivalent horizontal load due to P-A effect. 

The group of researchers at the University of Canterbury, New Zealand (Priestley and 

Park 1987; Watson and Park 1994) uses the graphical construction shown in Fig. 2.8 to 

determine A . The column specimen is initially subjected to one cycle of lateral loading 

to ± 0.75 times the "ideal flexural strength" M¡ of the critical section, using the 

measured concrete and steel properties and a strength reduction factor of unity. The yield 

displacement A^ is then found by extending a straight line from the origin through the 

moment-displacement point at 0.75 Mi to Mi. This approach was adopted by a number 

of researchers in North America (e.g. Cheok and Stone 1990; Azizimini et al. 1992). 

Other researchers (Shin et al. 1989; Mo and Wang 2000) define A^ simply as the 

displacement corresponding to first yielding of column longitudinal bars in tension. 

Most of the seismic loading tests on concrete columns involve imposing incremental 

lateral displacements that are multiples of the yield displacement of the column, which 

should be known before beginning of test. But since some of the approaches described 

above to determine the yield displacement of the column are based on the final response 

of the specimen, some researchers use approximate procedures to determine a 

"theoretical" or "nominal" yield displacement to be able to apply the loading cycles of the 

test program. Then, the "actual" yield displacement is obtained based on the response of 

the column and is used to determine the displacement ductility factor u, A . 
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Fig. 2.8 Definition of yield displacement according to Priestley and Park (1987) 

2.3.1.3 Curvature Ductility Factor 

The local ductility is generally expressed as the curvature or section ductility factor u.^, 

which measures the ability of a critical section within the plastic hinge zone to undergo 

inelastic deformation without significant degradation in its moment capacity. In a similar 

way to the displacement ductility factor, the curvature ductility factor is defined as the 

ratio ^ m a x / ^ , where ^ n a x and § y are the maximum and yield curvatures, respectively. 

The maximum curvature, , is generally taken as the value corresponding to 80 or 

90% of the maximum moment capacity on the descending branch of the moment-

curvature curve. Similar to , there is no universal definition for § y . Some researchers 

(Sheikh and Khoury 1993; Bayrak and Sheikh 1998) determine § y using an approach 

similar to the one used to determine A^ but for the average envelope curve of the 

moment-curvature relationship. 
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In a different approach, Watson et al. (1994) define the yield curvature <|> (Fig. 2.9) by 

extrapolating the straight line joining the origin with the point {$'y,M'y), such that 

(2.3) 

where §'y and M'y = curvature and moment corresponding to yielding of longitudinal 

column bars closest to the tension side of the section, or when the extreme compression 

fiber compression strain reaches 0.002, whichever occurs first. Figure 2.9 shows two 

different cases to determine M¡. In case 1, the moment drops after the spalling of the 

cover concrete and rises very slowly (due to the strain hardening of the longitudinal 

steel), so that at a curvature of the moment has not regained the maximum value 

attained before spalling of the cover concrete. In that case M¡ is given by that maximum 

moment. Case 1 is typical for columns with a low axial load and/or a relatively small 

amount of transverse reinforcement. Also, columns with a relatively large thickness of 

cover concrete are likely to belong to that category. Case 2, on the other hand, is typical 

for columns with a relatively small thickness of concrete cover, with a high axial load, 

and that are heavily confined. The spalling of the cover makes little difference to the 

resisting moment, so that it rises considerably after spalling of the cover, and M¡ is taken 

as the moment corresponding to a curvature of 5 <j>r 

From the preceding discussion of the different approaches to determine the yield 

displacement and the yield curvature, it appears that there is a need for a unified 

procedure to be used amongst the research community to determine the yield 

displacement and the yield curvature, as well as the displacement history to be followed 

in applying the imposed displacement reversals to the column specimen. The vast 

approaches used for testing and analyzing the test data on concrete columns limit each 

researcher to use only his own test results to develop any design equations for columns 

under seismic loading. 
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Fig. 2.9 Definition of ideal moment and yield curvature (Watson et al. 1994) 

2.3.1.4 Relationship between Displacement and Curvature Ductility 

Consider a column fixed at its base and free at the top, subjected to a horizontal force P 

(Fig. 2.10(a)). At first yielding, the curvature distribution can be assumed to vary linearly 

between zero at top and § y at bottom. At this stage the displacement at top is given by 

(2.4) 

where § is the yield curvature at the column base; and L is the height of the column. 

The displacement at the top end of the column can be further increased depending on the 

capacity of the plastic rotation at the base over a length Lp. It should be noted that Lp is 

the length over which the plastic curvature is assumed to be constant. Considering the 

idealized curvature distribution shown in Fig. 2.10(b), the total displacement at the top of 

the column can be expressed as 
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A m a x =Ay+Ap 

Accordingly, the displacement ductility factor, p A , can be written as 

H A

 = 1 + 
L P ( L - ° - 5 L P ) 

Substituting Eq. (2.4) into Eq. (2.6) yields 

^=1 + 3 ( ^ - 1 ) - ^ 
f 
1 - 0 . 5 ^ 

L 

(2.5) 

(2.6) 

(2.7) 

(a) Column 

area = 0 

IL 
7-

(b) Idealized curvature distribution 

Fig. 2.10 Relationship between displacement and curvature ductility 

2.3.2 Equivalent Plastic Hinge Length 

Several empirical expressions for the equivalent plastic hinge length Lp have been 

proposed by different investigators. Some of these expressions are summarized in Table 

2.1. 
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Table 2.1 Proposed expressions for equivalent plastic hinge length 

Researcher(s) Proposed Expression 

Dilger (1966) 
Lp = 0.06Z (without shear cracks) 

Lp = 0.06Z, + d 12 (with shear cracks) 

Corley (1966) Lp =0.5d + dl/2(L/d) 

Mattock (1967) Lp=0.5d + 0.05L 

Priestley and Park (1987) Lp =0.0SL + 6db 

where d = distance from extreme compression fiber to centroid of tension reinforcement; 

L = distance from critical section to point of contraflexure; db = diameter of longitudinal 

bars; and c = distance from extreme compression fiber to neutral axis at ultimate moment. 

The units in Corley's equation should be millimeters. 

It should be noted that Lp should not be confused with the length over which 

confinement reinforcement is placed at column ends. This length should satisfy two 

requirements: (1) to extend over the region of major plastic curvatures; and (2) to ensure 

that the higher flexural strength of the column in the confined region does not lead to 

flexural failure in the adjacent less confined region. Watson and Park (1994) proposed an 

empirical expression for the portion of the column that needs to be confined that is 

proportional to the axial load level on the column, since experimental evidence showed 

that high axial compression greatly enhances the flexural strength of columns. 

2.3.3 Energy Dissipation 

During an earthquake, structures dissipate energy through their hysteretic inelastic 

behavior. Some researchers (Cheok and Stone 1990; Mo and Wang 2000) determine the 

dissipated energy directly by integrating the area bounded by the force-displacement 

hysteresis loops. But this approach has limitations in comparing specimens with different 
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sizes and loading histories. Ehsani and Wight (1990) proposed a dimensionless parameter 

called the "work damage indicator" to represent the energy dissipated in beam-column 

subassemblies. Other researchers (Sheikh and Khoury 1993; Paultre et al. 2001) adopted 

this parameter for analysis of their column tests under seismic loading. For detailed 

discussion of this parameter and its application to the experimental results of the present 

research, see Section 4.5. 

2.4 EXPERIMENTAL RESEARCH 

Confinement of concrete columns has been a subject of extensive experimental research 

since the early decades of the past century. Prior to 1980's, most of the experimental 

investigations were conducted through concentric loading tests of columns and little 

research was conducted on columns under eccentric loading. Due to the limited capacity 

of testing machines at that time, the cross sections of the column specimens were 

relatively small and accordingly had small ratios of concrete core area to gross area of the 

column cross section, and were often reinforced with only four bars at the corners. These 

limited-testing capabilities did not conclusively lead to a proper understanding of the 

behavior of concrete columns laterally confined with rectangular ties, and it was even 

doubted i f the confinement of concrete columns would ever increase their axial capacity. 

It was not until 1980 when Sheikh and Uzumeri conducted an extensive experimental 

program that involved realistically sized concrete specimens that showed that rectangular 

column, i f detailed properly, can achieve adequate ductile behavior. Since then, 

confinement of concrete columns has been researched extensively under various types of 

loading, as will be explained in detail in the following sub-sections. 

It is not feasible to include all the previous work conducted in the area of concrete 

confinement. Therefore, and to concentrate on the scope of this dissertation, only 

experimental work related to normal- and high-strength rectangular or square concrete 

columns laterally reinforced with either conventional transverse reinforcement or double-
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head studs will be reviewed. In addition, only recent studies on nearly full-scale columns, 

which are deemed to have made significant contributions will be briefly discussed below. 

2.4.1 Columns under Concentric Loading 

The most common approach to investigate the behavior of confined concrete columns is 

through concentric loading tests. In this type of testing, the whole concrete section is 

subjected to axial compression, which gives much insight into the behavior of concrete 

confined by lateral ties at large inelastic deformations. Moreover, practical situations may 

arise where concrete columns can be subjected to significant axial overloading (due to 

sudden unforeseen increase in live load or failure of an adjacent column during an 

earthquake). 

Almost all of the confinement models available in the literature were developed based on 

data from concentric loading tests. These models were later applied to predict moment-

curvature curves for columns under eccentric loading, and were modified, if necessary, to 

include the effect of strain gradient, as will be explained in Section 2.5. 

Sheikh and Uzumeri (1980) reported the results of 24 square column specimens under 

monotonie axial compression. The test variables included: (1) distribution of longitudinal 

steel around the core perimeter and the resulting tie configuration; (2) volumetric ratio of 

lateral ties; (3) tie spacing; (4) stress-strain characteristics of lateral ties; and (5) amount 

of longitudinal steel ratio. A l l longitudinal bars were tied with 135° hooks into the 

confined core. 

Based on their experimental investigation, Sheikh and Uzumeri (1980) concluded that: 

1. The distribution of longitudinal steel and the resulting tie configuration enhances both 

the strength and ductility of confined columns. 

2. For the same volumetric ratio of lateral steel, smaller tie spacing results in higher 

concrete strength and ductility. 
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3. The volumetric ratio of lateral steel has a less than proportional change in the strength 

and ductility of the confined concrete. 

4. The amount of longitudinal steel has little effect on the behavior of confined concrete. 

To evaluate the behavior of core concrete during various stages of the test, the concrete 

contribution Pconc was normalized with respect to the total concrete load Poc, or with 

respect to the core concrete load Pocc (Fig. 2.11), where 

Peone — Peo! ~ s (2-8) 

Poc=0.S5f¿(Ag-As) (2.9) 

Pocc=0.S5f;(Ac-As) (2.10) 

with Pcol = the column total load; Ps = the load resisted by longitudinal steel; f'c = 

concrete compressive strength; A = gross area of column section; As = total area of 

longitudinal steel; and Ac = core area of concrete delineated by the centerline of the 

peripheral hoop. The approach of Sheikh and Uzumeri (1980) was also adopted by Yong 

et al. (1988) and Cusson and Paultre (1994). 

The response of an axially loaded column is divided into three regions (Fig. 2.11). In 

Region 1, the axial strain in concrete is less than s c o , where e c o is the strain 

corresponding to the maximum stress of unconfined concrete. In region 3, the axial strain 

exceeds s 0 5 0 , where e 0 5 0 is the strain corresponding to 50% of the maximum stress on 

the falling branch of the stress-strain diagram of unconfined concrete. The concrete cover 

is assumed to have completely spalled off when Region 3 is reached. Region 2 is 

represented by a smooth transition curve between Regions 1 and 3 since the spalling of 

the cover develops gradually. 
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Fig. 2.11 Concrete contribution curves (Sheikh and Uzumeri 1980) 

Scott et al. (1982) investigated the behavior of square concrete columns subjected to 

concentric or eccentric loading under different strain rates. It was concluded that faster 

strain rates result in a higher peak stress and a steeper falling branch of the stress-strain 

curve of confined concrete. The limit of useful concrete compressive strain s,^ was 

defined as the strain corresponding to first hoop fracture, and was suggested as 

e m a x =0.004 + 0 . 9 p s ^ (2.11) max K s 3 0 0 

where ps and f h = volumetric ratio and yield strength of transverse reinforcement, 

respectively. Further conclusions regarding the behavior of column specimens under 

eccentric loading will be reported in the next section. 

Moehle and Cavanagh (1985) conducted an experimental study on the confinement 

effectiveness of cross ties in square concrete columns under monotonie axial loading. 

Transverse reinforcement was provided in the form of intermediate hoops or cross ties 
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having 180°, 135°, or 90° hooks. It was concluded that cross ties having 180° hooks are 

as effective as the overlapping hoop in confining the concrete. On the other hand, 

colunias having 135° and 90° hooked cross ties were slightly less ductile than those with 

overlapping hoops were. Opening out of the 90° hooks was observed in some columns, 

leading in partial loss of the effectiveness of the cross tie. 

Yong et al. (1988) tested twenty-four square HSC specimens laterally confined with 

rectangular ties. The volumetric ratio of lateral reinforcement in all specimens was less 

than the minimum allowed by the ACI Code. To determine the concrete contribution 

curves, a similar concept to that used by Sheikh and Uzumeri (1980) was used (see Fig. 

2.11). It was observed that increasing the amount of lateral steel resulted in a less than 

proportional increase in concrete strength; and for the same volumetric ratio of lateral 

steel, an arrangement of eight longitudinal bars provided better confinement than four 

corner bars. 

Cusson and Paultre (1994) investigated the behavior of twenty-seven square HSC 

columns confined by rectangular ties. Ratios of the amount of lateral steel in the 

specimens ranged from 75% to 250% of the minimum amounts required by the ACI Code 

for seismic design. The behavior of HSC columns was characterized by the sudden 

separation of the concrete cover at the weakest planes created by the dense steel cage. 

This early spalling of the concrete cover resulted in a loss of axial capacity before any 

lateral confinement came into effect. After the concrete cover had completely spalled off, 

important gains in strength and ductility were observed for well-confined concrete 

specimens. Hence, it was recommended that only the area of the concrete core should be 

considered in calculating the axial compressive strength of HSC columns. It was found 

that, for columns confined with high-strength steel, the yield strength of the ties was 

developed at the peak strength only for well-confined concrete columns. 
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Saatcioglu and Razvi (1998) reported the experimental results of twenty-six square 

concrete columns with concrete strengths between 60 and 124 MPa. It was observed that 

for higher strength concrete columns the cover spalling commenced earlier and large 

pieces of concrete were observed to separate from the core, suggesting that the cover 

spalling was due to instability rather than crushing of concrete. It was observed that the 

absolute gain in strength for columns having same amounts of lateral steel but different 

concrete strengths was approximately the same. The authors indicated that there is a 

possibility of a trade-off between the volumetric ratio and yield strength of transverse 

reinforcement, i.e., a reduction in the volumetric ratio can be compensated by an increase 

in the grade of transverse reinforcement. However, they commented that this observation 

is applicable only for smaller tie spacing (well below one-half the cross-section 

dimension). Based on their experimental results, the authors presented an equation for the 

required volumetric ratio of confinement reinforcement in HSC columns. The equation 

was derived based on the concept of maintaining the axial capacity of columns 

(enhancement of concrete core strength compensates for spalling of concrete cover) and 

the relative efficiency of the arrangement and spacing of transverse reinforcement. 

Mander et al. (1988b) conducted axial load tests on thirty-one nearly full-size concrete 

columns of circular, square, and rectangular wall cross section, and containing various 

arrangements of reinforcement under different strain rates. It was concluded that for a 

constant volume of confining reinforcement, the strain at first hoop fracture would be 

attained sooner for columns with higher longitudinal steel ratios, since additional strain 

energy is required from the hoop reinforcement to restrain the longitudinal steel from 

buckling. Mander et al. pointed out that columns with wall cross sections that violated the 

spacing requirements of the New Zealand Standards performed satisfactorily. Hence, the 

requirement that the tie spacing should not exceed 0.2 (0.25 as per ACI Code) of the least 

lateral dimension of the column could be very onerous, i f the least dimension is taken as 

the wall thickness. 



32 

Hoshikuma et al. (1997) tested thirty-one column specimens having circular, square, and 

wall-type cross sections. The column specimens had low volumetric ratios of hoop 

reinforcement to reflect the current practice in constructing bridge piers in Japan. The 

authors observed that crushing of core concrete and buckling of longitudinal bars 

occurred when the compressive stress dropped to less than 50% of the confined concrete 

strength. Because such damage is not repairable, it is suggested that the strain 

corresponding to that stress level be considered the ultimate strain of a column. 

Dilger and Ghali (1997) compared the behavior of columns under axial compression 

having double-head studs and conventional cross ties. The column specimens had a cross 

section of 150 x 500 mm with the cross ties or double-head studs arranged in the short 

direction, while the same peripheral hoops were provided in all specimens. The 

conventional cross ties had 135° hook at one end and 90° hook at the other end. It was 

observed that the 90° bends opened out and the cross ties did not develop their yield 

strength, while double-head studs exhibited large axial strains beyond their yield point. 

Therefore, columns with double-head studs exhibited superior performance in terms of 

ultimate strength and ductility compared to those with conventional cross ties. It was 

recommended that design codes should allow reduced cross-sectional areas and/or larger 

spacing when double-head studs are used in place of conventional cross ties. 

2.4.2 Columns under Eccentric Loading 

Tests on large-scale confined concrete columns under monotonically increasing eccentric 

loading are scarce in the literature. The effect of strain gradient on the confinement 

pressure provided by transverse reinforcement has been a point of conflict among 

researchers. Some researchers (Sargin et al. 1971; Sheikh and Yeh 1992) believed that the 

strain gradient improved the ductility of concrete, and suggested a less steep falling 

branch for confined concrete under eccentric loading. Other investigators (Fafitis and 

Shah 1985; Saatcioglu et al. 1995) reported that moment-curvature relationships obtained 

from a confinement model developed from concentric loading tests produced good 
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correlation when used to predict the response of columns under eccentric loading, or 

when compared with envelopes of moment-curvature hysteretic relationships. 

Scott et al. (1982) tested large-scale columns under eccentric loading and reported that 

analyses based on stress-strain relationships obtained from concentric column tests 

underestimated the deformability of columns during testing. They further reported that a 

stress-strain relationship with a less steep descending branch would represent the 

behavior of columns under eccentric loading more accurately. 

Sheikh and Yeh (1990) investigated the lateral behavior of fifteen square reinforced 

concrete columns under eccentric loading to large inelastic deformations. They concluded 

that the strain gradient enhances the ductility of concrete sections, and that the strength of 

concrete is reduced with an increase in the axial load level, especially at values above the 

balanced load level. Based on these conclusions, the authors modified a previously 

proposed model (Sheikh and Uzumeri 1982) to include these factors. Sheikh and Yeh 

pointed out that the ACI Code requirements for confining reinforcement in columns 

might be either unnecessarily conservative for columns with well distributed tied 

longitudinal bars and low axial load levels or unsafe for columns under axial load levels 

more than 0.6 f'cAg. It was observed that the 90° hooks of cross ties started to open out as 

soon as they reached their yield point, which resulted in sudden loss of confinement and 

poor post-peak behavior. Hence, it was concluded that the use of cross ties with 90° 

hooks is questionable, especially for columns under high axial loads. 

Saatcioglu et al. (1995) tested twelve columns under two different levels of eccentricity 

to assess the effect of strain gradient on the behavior of confined concrete. It was 

concluded that flexural analysis of confined columns could be conducted fairly accurately 

by the confinement model previously proposed by Saatcioglu and Razvi (1992), which 

was developed using data from concentrically loaded column tests. 
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Foster and Attard (1997) reported the test results of sixty-NSC and HSC columns under 

various load eccentricities. The ultimate strength of columns compared reasonably well 

with the ACI Code predictions based on the equivalent stress block parameters except for 

some HSC columns with close tie spacing and relatively large cover thickness, where 

early spalling of concrete cover was observed. 

2.4.3 Columns under Axial Compression and Unidirectional Cyclic Loading 

Cyclic loading tests on reinforced concrete columns have been a main topic for 

researchers during the past two decades. These tests usually begin with the application of 

a predetermined axial load level on the column specimen, and then incremental lateral 

displacement reversals are imposed on the column free end. Since the actual displacement 

history of a particular column during an earthquake is impossible to predict, it was agreed 

among researchers to use a predetermined lateral displacement regime. These lateral 

displacements are usually multiples of the columns yield displacement, and are often 

applied with very slow rates to exclude any dynamic effects; hence, this type of tests is 

sometimes referred to as quasi-static tests. The main objectives of these tests are to 

investigate the main parameters that affect the column response to seismic loading and to 

develop design guidelines for the required quantities of transverse reinforcement to 

ensure satisfactory ductile behavior of columns during earthquakes. In these tests, the 

axial load level is expressed either as a fraction of the strength of the gross concrete 

section f'cAg or as a ratio of P0, where P0 is the concentric nominal capacity of column 

given by (ACI 318-02 Code): 

Po=0.S5f;{Ag-As)+Asfyl (2.12) 

where As and f ¡ are the area and yield strength of longitudinal steel, respectively. The 

Canadian Standard (CSA-A23.3-94) uses the same equation except that the factor 0.85 is 

replaced by , where a, is a function of the concrete strength. 
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Park et al. (1982) tested four square column specimens under simulated-seismic loading. 

The main test variables were axial load level and volumetric ratio of hoop reinforcement, 

which in all specimens conformed to the requirements of the New Zealand Standards. The 

columns demonstrated very ductile behavior, confirming the accuracy of the New 

Zealand Standards provisions. The flexural strength of the columns exceeded the nominal 

moment capacities based on the ACI Code (using actual material strengths and strength 

reduction factors of unity) by a wide margin, particularly for columns with high axial load 

levels. Park et al. pointed out that this reserve moment capacity should be taken into 

account in seismic design of members, since an enhanced moment capacity means a 

greater applied shear force, which may lead to brittle failure of the member. The 

experimentally measured equivalent plastic hinge length Lp were comparatively 

insensitive to axial load levels, and had an average value of 0.42/*, where h is the overall 

section depth. 

Rabbat et al. (1986) conducted an experimental investigation on the behavior of 

lightweight and normal weight reinforced concrete columns under seismic loading. It was 

concluded that confinement requirements for normal weight concrete columns are also 

applicable to lightweight concrete columns subjected to axial loads up to 30% of the 

column axial capacity. 

Muguruma and Watanabe (1990) tested eight HSC columns laterally reinforced with 

normal- and high-strength steel under reversed cyclic loading. It was concluded that 

sufficient ductile behavior can be achieved for HSC columns by using high-strength steel. 

It was further pointed out that the ductility enhancement by confining reinforcement is 

reduced with the increase in concrete strength. 

Azizinamini et al. (1992) investigated the effects of different "new" transverse 

reinforcement details (Fig. 2.12) on behavior of twelve full-scale column specimens. The 

applied axial load level ranged from 0.2 to 0.4 P0. It was concluded that continuous 
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square helix reinforcement was able to enclose the core concrete more effectively than 

discrete transverse reinforcement, especially at large inelastic displacements. It was 

therefore recommended that the ACI Code be modified to permit the use of square and 

rectangular helical reinforcement designed on the same basis as discrete transverse 

reinforcement. It was observed that all specimens with a standard 90° hook on the inner 

hoops behaved satisfactorily. Also, hook extensions of six times the bar diameter as 

required by the current ACI Code appeared to be sufficient to produce reasonable ductile 

behavior. 

H 
Continuous square 

J helix hoop 
ÍP ^ 

Fig. 2.12 Details of transverse reinforcement tested by Azizinamini et al. (1992) 

Sheikh and Khoury (1993) examined the behavior of six reinforced concrete columns 

under cyclic flexure and constant high axial load levels. It was concluded that the 

equivalent plastic hinge length Lp is independent of the amount and configuration of 

lateral steel as well as the axial load level, and is equal approximately to the column 

section depth. Sheikh and Khoury concluded that increased axial load reduces ductility 

significantly; therefore, it is necessary to relate the amount of lateral steel to the axial load 

level or limit the level of axial load in cases when highly ductile behavior is desired. 



37 

Sheikh et al. (1994) reported the results of four HSC columns under cyclic loading and 

compared their behavior to similar NSC columns tested in previous experimental program 

(Sheikh and Khoury 1993). It was concluded that increasing the lateral steel content 

resulted in a proportional increase in ductility and energy dissipation for confined HSC 

columns, as in the case of NSC columns. It was further indicated that the required amount 

of confining steel appears to be proportional to the strength of concrete for a desired 

column performance i f the axial load is measured in terms of P0 (the nominal axial 

capacity of the column) rather than a fraction of f'cAg (the strength of the gross concrete 

section). 

Li et al. (1994) tested five HSC columns laterally reinforced with high-strength steel 

under reversed cyclic loading. It was concluded that the attainable stress in high-strength 

transverse reinforcement may need to be limited to 800 MPa because of the lower lateral 

expansion of HSC and the higher longitudinal strains required before substantial stresses 

can be developed in transverse reinforcement. 

Azizin amini et al. (1994) conducted an experimental investigation of the seismic 

behavior of nine 2/3-scale HSC columns. The authors concluded that HSC columns 

subjected to axial load levels below 0.2Po and designed according to the seismic 

provisions of the ACI Code demonstrated sufficient ductile behavior. It was noted that the 

ACI Code overestimates the flexural capacity of HSC columns, and hence a modification 

to the equivalent rectangular stress block was suggested. 

Watson and Park (1994) tested eleven square column specimens under simulated 

seismic loading. The axial load level \Plf'cAg) ranged from 0.1 to 0.7. The length of 

damaged region observed in tested specimens indicated that the length of region to be 

confined (adjacent to column ends), as specified by the ACI and New Zealand Codes, are 

not conservative in case of high axial loads. The confined region of a column needs to be 
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extended to prevent possible failure of the column outside the code-specified confined 

region. Based on their experimental results, an equation for the length of the confined 

region Lc is proposed as follows: 

^ = 1 + 2.8—^— (2.13) 

where § is the strength reduction factor; and h is the overall depth of the column section. 

Thomsen and Wallace (1994) examined the behavior of twelve 1/4-scale HSC columns 

under simulated-seismic loading. The column specimens contained transverse 

reinforcement ratios less than or equal to 50% of amounts required by the ACI Code. It 

was reported that the use of high-strength transverse reinforcement without a well-defined 

yield plateau provides more effective confinement than Grade 60 reinforcement. It was 

concluded for the range of axial load level considered in that study (from 0.1 to 0.2 of 

P/f'c Ag ) that the use of cross ties with a 90° hook did not result in any unfavorable 

behavior and that the ACI Code provisions for confinement reinforcement are 

conservative for that range of axial loads. 

Lipien (1995) investigated the lateral behavior of ten HSC columns under simulated 

seismic loading. The yield strength of lateral ties ranged from 400 to 1000 MPa. Columns 

laterally confined with higher-strength reinforcement and increased tie spacing 

demonstrated similar ductile behavior to columns with lower-strength reinforcement and 

reduced tie spacing. However, this conclusion does not apply to columns under low levels 

of axial load since lower stresses in lateral ties were observed for this range of loads. 

Xiao and Martirossyan (1998) tested six HSC columns subjected to reversed cyclic 

loading under shear dominant condition (shear aspect ratio equal to 2.0). Large amounts 

of longitudinal steel ratios (up to 3.5%) were used to study the behavior of HSC columns 

with high flexural capacities and thus, severe shear demands. It was reported that, when 

the transverse reinforcement was designed in accordance with the seismic provisions of 
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the ACI Code, stable response was achieved for columns subjected to axial load levels 

below 20% of the column axial capacity. Despite the increased shear demand, 

deformation limits of the columns were dominated by concrete crushing and longitudinal 

bar buckling, rather than shear failure. 

Bayrak and Sheikh (1998) investigated the seismic behavior of eight column specimens 

made of high-strength concrete (HSC) and ultrahigh-strength concrete (UHSC) under 

moderate to high axial load levels. It was concluded that UHSC columns can behave in a 

ductile manner under high levels of axial load provided that they are laterally confined 

with an efficient tie configuration and with lateral reinforcement volumes 70% more than 

the minimum amount required by the ACI Code. 

Grira (1998) tested four square column specimens in which the transverse reinforcement 

consisted of double-head studs as cross ties in combination with conventional peripheral 

hoops under simulated earthquake loading. The anchor heads were either square or 

circular plates welded to the steel bars. The diameter of the circular plates was four times 

the diameter of the steel bar, whereas the side dimension of the square plates was three 

times the diameter of the steel bar. The failure of columns was characterized by sudden 

opening of the 135° hooks of peripheral hoops followed by crushing of concrete core and 

instability of longitudinal bars caused by their slippage from the anchor heads. Columns 

with double-head studs showed superior ductile performance compared with similar 

columns with conventional cross ties. 

Wehbe et al. (1999) examined the behavior of four half-scale rectangular columns under 

constant axial load and cyclic lateral loading about the column strong direction. The axial 

load levels \PlfcAg) were 10 and 25%, and the transverse reinforcement ratios in the 

strong direction of the column were 46 and 60% of the minimum lateral reinforcement 

required by AASHTO. A l l the column specimens displayed satisfactory performance, 

even with lateral reinforcement ratios 50% less the minimum allowed by AASHTO. 
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Mo and Wang (2000) proposed a new configuration of transverse reinforcement with 

alternate ties to expedite the fabrication process of reinforcement cages of columns, as 

illustrated in Fig. 2.13. The lap splice length conformed to the requirements of the ACI 

318-02 Code for compression lap splice. An experimental program was conducted to 

investigate the effect of configuration of transverse reinforcement on the seismic behavior 

of concrete columns under different levels of axial load. The configuration of transverse 

reinforcement was either internal overlapping hoops, conventional cross ties with 90° 

hooks, or the proposed alternative. It was concluded that the proposed configuration of 

transverse reinforcement provides comparable or improved seismic performance than 

typical configurations normally used in practice. 

• — i r 

K * 

i f lap splice 

Fig. 2.13 Transverse reinforcement configuration proposed by Mo and Wang (2000) 

Abo-Shadi et al. (2000) investigated the out-of-plane seismic behavior of representative 

bridge pier walls that exist in the United States. The wall specimens had a 300 x 1500-

mm cross section and a shear span of 2.85 m, and were tested under an axial load level 

{pjf'cAg ) of 5%. The out-of-plane seismic performance of pier walls was satisfactory, 

even with confinement steel quantities 60% less than the minimum permitted by 

AASHTO. Therefore, it was concluded that displacement ductility capacities were 

insensitive to the amount of confinement reinforcement. It was observed that the 
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maximum stress in the confinement steel did not exceed 60% of its yield stress, and hence 

the use of full yield stress in computing the confinement stress would overestimate the 

section capacity. Furthermore, the 90° hooks of cross ties were not fully effective in 

preventing lateral buckling of vertical bars, even with extensions of ten times the bar 

diameter. 

In two companion papers, Légeron and Paultre (2000) and Paultre et al. (2001) 

reported the results of an experimental program at the University of Sherbrooke on the 

seismic behavior of HSC columns. The axial load levels ranged from 15% to 52% of the 

column axial-load capacity. It was observed that the length of the damaged region 

increased with the axial load level, a similar observation to that of Watson and Park 

(1994) but for NSC columns. The authors pointed out that a trade-off exists between the 

yield strength and amount of lateral steel; however, high-strength steel may not be 

effective i f the columns are poorly confined. It was concluded that the ACI Code 

requirements for confinement reinforcement are too conservative for low axial load 

levels, but not adequate for higher axial loads. The New Zealand Standards provisions 

appeared to be more reasonable than those of the ACI Code. 

2.4.4 Columns under Axial Compression and Bidirectional Cyclic Loading 

Lateral loading on building structures due to earthquakes will not, in general, act along 

the principal axis of the structure. Hence, columns with rectangular or square cross 

sections in such structures will be subjected to biaxial bending. Building codes 

requirements for quantities of transverse reinforcement were derived considering lateral 

loading to act along the member principal axis. Therefore, it was attempted by some 

researchers to investigate the behavior of concrete columns under combined constant 

axial load and cyclic flexure along the column-section diagonal axis. 

Saatcioglu and Ozcebe (1989) investigated the seismic response of fourteen square full-

scale columns. Both unidirectional—along the principal and diagonal axes of the column 
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section—and bidirectional loadings were considered. The bidirectional deformation path 

considered in the experimental program is shown in Fig. 2.14. This loading history was 

intended to simulate a major seismic action in one direction while a minor action was 

occurring in the orthogonal direction. It consisted of an elliptical deformation path, where 

the maximum deflection in one direction was always twice the maximum deflection in the 

other direction. Other test variables included the type of cross ties: either 90° hooks or 

135° hooks. 
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Fig. 2.14 Bidirectional load history (Saatcioglu and Ozcebe 1989) 

It was concluded that overall hysteretic characteristics of companion specimens loaded 

laterally along their principal axis or along a diagonal axis are similar in terms of strength, 

stiffness, and ductility. Columns subjected to bidirectional load reversals showed a 

different response than those subjected to unidirectional load reversals. The level of 

damage in one direction adversely affected the column response in the other direction. If 

the deformation in one direction is less than the yield displacement, the bidirectional 

effects on the behavior in the orthogonal direction were minimal. However, for 
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deformation levels beyond the yield displacement in both directions, severe strength and 

stiffness degradation were observed. It was also reported that cross ties with 90° at one 

end performed as satisfactory as those with 135° hooks at both ends. Sheikh and Khoury 

(1993) commented on this conclusion that the fairly low axial load level of these 

experiments (0.16 f¿Ag) resulted in small lateral expansion of columns, which in turn 

resulted in small tensile stresses in the cross ties. As mentioned earlier in Section 2.4.2, 

Sheikh and Yeh (1990) reported that the behavior of columns with 90° cross ties was 

quite unsatisfactory under high levels of axial load. 

Zahn et al. (1989) conducted experimental tests on square columns subjected to axial 

load and cyclic lateral load acting along the diagonal axis of the column section, and were 

compared to similar tests by Ang et al. (1981) with lateral loading along the principal axis 

of the column section. The comparisons indicated that there was very little difference 

between the flexural strengths of columns under both types of lateral loading. Also, the 

available ductilities of the tested columns were quite similar. 

2.5 MODELS FOR CONCRETE CONFINEMENT 

Based on experimental results from tests on confined concrete column, numerous 

analytical models with various degrees of sophistication have been proposed to 

adequately predict the behavior of confined concrete. Sheikh (1982) reviewed most of 

these models published until that time. Most of the early-published models (e.g., Chan 

1955; Roy and Sozen 1964; Soliman and Yu 1967; Sargin et al. 1971) were based on 

experimental results of small-size concrete specimens that were reinforced with only four 

longitudinal bars at the comers. The low ratio of the core area to gross area of the 

specimen and the poor confinement pressure exerted by the peripheral hoop without any 

supplementary cross ties resulted in no or little enhancement of concrete strength. The 

application of these models to realistically sized specimens with complex lateral steel 

arrangements (Sheikh 1982) yielded poor predictions of the test results. Therefore, only 
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the recent confinement models based on experimental results from nearly full-size 

specimens will be reviewed in this section. In this review, attempt will be made to unify 

the notations used by various investigators; therefore, the notations in this section will 

differ somewhat from those used in the original papers by authors. Also, all the equations 

presented in this section are in SI units unless otherwise mentioned. 

It is should be noted that only confinement models developed for NSC and HSC columns 

are presented in this section. Other models developed for fiber-reinforced concrete and 

concrete confined by fiber-reinforced polymer tubes are beyond the scope of this 

dissertation. 

2.5.1 Modified Kent and Park Model (1971,1982) 

The original model was developed by Kent and Park (1971) based on the existing 

experimental evidence available at that time. The model assumed that confinement due to 

rectangular ties does not enhance the concrete strength. In 1982, Park, Priestley, and Gill 

modified the existing model based on experimental results conducted at the University of 

Canterbury to include the enhancement in concrete strength and the corresponding 

increase in strain at peak stress. The slope of the descending branch of the original model 

was kept the same. This model has the advantage of simplicity of application, and hence 

has been adopted by many investigators in their research. 

The modified version of the Kent and Park model is shown in Fig. 2.15. The modified 

model assumes that for confined concrete the maximum stress reached is Kf'c, and the 

strain corresponding to maximum stress is 0.002AT, where K is given by 

K = l + P s f ^ ( 2 1 4 ) 

fc 

where ps = volumetric ratio of ties to volume of concrete core measured to the outside of 

the peripheral hoop; f h = yield strength of lateral ties; and f'c = concrete compressive 
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strength. The ascending branch of the curve (Region AB) is assumed to be second-degree 

parabola, while the descending branch (Region BC) is a straight line down to a stress of 

0.2Kf'c, beyond which a horizontal line represents the residual stress in concrete. 

Stress, fc 

A 

B 

T 
Confined 
concrete 

j \ Unconfined 
; \concrete 

s ^ c 0.2a:/; 

¡0.002 £ 
1 1 1 1 

0.002 
Strain, s c 

Fig. 2.15 Modified Kent and Park model (1982) 

Thus the modified Kent and Park model can be defined as follows (Fig. 2.15): 

Region A B (s c < 0.002ÜO 

fc = Kfc 
2s, 

0.002^ 0.002^ J 

Region BC (s c > 0.002/0 

fc=Kfc'[l-Zm(ec -0.002K)] 

but not less than 0.2Kf'c , where Z m is expressed as 

0.5 
Z„, = 

3+0.29/; HL_0,mK 

145/;-1000 s \ s 

(2.15) 

(2.16) 

(2.17) 

file:///concrete
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where h" = width of concrete core measured to outside of the peripheral hoop; and s = 

spacing of lateral ties. 

In addition, Kent and Park give the stress-strain curve for unconfined concrete (to model 

the concrete cover), as illustrated in Fig. 2.15. Similar to the proposed curve for confined 

concrete, the ascending part of the curve is second-degree parabola to a maximum stress 

of 0.85f'c. Then a linear falling branch with its slope determined by the strain 

corresponding to 50% of the maximum unconfined strength on the descending 

branch, s 0 5 0 , which can be calculated as 

_ 3 + 0.29/; 
8 0 5 0 "145/ ; - looo ( 2 - 1 8 ) 

2.5.2 Modified Sheikh and Uzumeri Model (1982,1992) 

Based on axial load tests on tied concrete columns conducted at the University of Toronto 

(Sheikh and Uzumeri 1980), an analytical model for confined concrete was developed by 

Sheikh and Uzumeri (1982). The strength of confined concrete was calculated using the 

concept of the effectively confined concrete area, which is determined by arching of 

concrete horizontally between tied longitudinal bars and vertically between layers of 

lateral ties, as previously illustrated in Fig. 2.2. The model was later modified by Sheikh 

and Yeh (1986, 1992) to include the effects of strain gradient on the ductility of confined 

concrete and the effect of increased axial load level on the confined concrete strength. 

Figure 2.16 shows the modified model by Sheikh and Uzumeri. The stress-strain 

relationship for confined concrete consists of three parts. Part OA is a second-degree 

parabola up to point A (si , / ; c , ) , where f'cc is the compressive strength of confined 

concrete and zx is the minimum strain corresponding to maximum stress. Part AB is a 

horizontal line up to strain s 2 , which is the maximum strain corresponding to maximum 

stress. Then, the stress-strain relationship starts to degrade linearly to a stress of 0.3f'cc. 
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The slope of part BD is determined by point C (s8 5,0.85/ c' c), where s 8 5 is the strain 

corresponding to 85% of the maximum stress. Beyond point D, a horizontal line is 

assumed to represent concrete behavior. 

Fig. 2.16 Modified Sheikh and Uzumeri model (1992) 

According to the original model, f'cc is given by 

flc=Kr\fC0 (2.19) 

where fco is the compressive strength of unconfined concrete and K is the strength gain 

factor that is assumed to be a function of the volumetric ratio of lateral ties, stress in 

lateral ties, distribution of vertical bars around the core perimeter, and the size of the 

section. The final equation for K takes the form 

/ : = 1.0 + 
140R 

1- nC 2 \ 

5.5B' 

\2 
1-

2B 
(2.20) 

where Pocc is the unconfined strength of concrete core calculated by 
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Poce = fcoUc - A) (2.21) 

B = core dimension measured center-to-center of peripheral hoop; n = number of arcs, 

which is equal to the number of laterally supported longitudinal bars; C = distance 

between laterally supported longitudinal bars; s = spacing of ties; ps = volumetric ratio of 

ties to volume of concrete core; f's = stress in the lateral steel at the time of maximum 

resistance of confined concrete; Ac - area of concrete core measured center-to-center of 

peripheral hoop; and As = area of longitudinal steel. The factor r| is a reduction factor 

representing the adverse effect of axial load level on the concrete strength for axial loads 

above the balanced point: 

n = 1 - 0 . 5 7 5 ^ — ^ < 1.0 
fc\ 

where Ph is the balanced load of the column section. 

(2.22) 

The strain values zx,z2,zZ5 are evaluated from the following expressions: 

e, =80/ : /^10" 6 

s 2 . 1248 
= 1 + 1-5.0 

B 
0 ISA— Ps/: 

B 
s 8 5 =0.225p — + s 2 

(2.23) 

(2.24) 

(2.25) 

where eco is the strain corresponding to maximum stress in unconfined concrete. 

2.5.3 Muguruma, Watanabe, Katsuta, and Tanaka Model (1983,1993) 

A stress-strain model for confined concrete was derived by Maguruma et al. (1983), and 

was later modified by Maguruma et al. (1990, 1993) to expand its applicability to high-

strength concrete. Their final equations for square columns are: 
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fee feo 1 + 4 9 ^ 5 

l + 3 4 1 ^ p 
y CO 

, 1-0.5-
V 

f 
1 - 0 . 5 -

5 

./cu ~ ( , \ " W o 

1 + 611^5-. — P i 1-0.5-
B 

(2.26) 

(2.27) 

(2.28) 

(2.29) 

where f'cc and e c c = confined concrete strength and corresponding strain; fcu and sm = 

ultimate concrete stress and corresponding strain; fco and sco = unconfined concrete 

strength and corresponding strain, respectively; fu and zu = ultimate unconfined 

concrete stress and corresponding strain, respectively; ps = volumetric ratio of transverse 

reinforcement; s = spacing of transverse reinforcement; B = side dimension of concrete 

core; f h = yield strength of transverse reinforcement; and Sc = area under the ascending 

branch of the stress-strain curve for confined concrete. 

The proposed stress-strain model is shown in Fig. 2.17. The ascending branch is divided 

into two parts: part OA and part A B , where part OA represents the behavior of both 

unconfined and confined concrete. The three parts that represent the model and the 

corresponding concrete stresses are defined as follows: 

Part OA (o<ec <s c o ) 

fc = Ec£c + 
fco EciZ co „ 2 

2 fcc (2.30) 

Part A B (sco <ec <scc) 

fc~/° \2 ( E c S c c ) + fee (2.31) 
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P a r t B C ( e c c < e c < e c J 

S C M ^CC 

Stress, 

Confined 
concrete 

(2.32) 

Strain, ec 

Fig. 2.17 Modified Maguruma et al. model (1993) 

The descending part of the stress-strain curve for unconfined concrete is given by 

fu fa 
z«-£co 

(2.33) 

where fu is given by 

f _ ~ fcoSco) i 
Ju ~ i_ . _ \ Jci 

(2.34) 

where £ = area under the ascending branch of stress-strain curve for unconfined concrete; 

and Eci= the initial tangent modulus of concrete and can be taken equal to 

210000^//7/200. The values of e c o and e„ are to be determined from the following 

expressions: 

8^=(0.814^+1.67)/1000 fcm<1.5 (2.35) 
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6 C 0 =2.817/1000 km>l.5 (2.36) 

s„ =(-0.265*m +1.71) eco km<\.5 (2.37) 

s„=1 .31s c o km>l.5 (2.38) 

where km is a parameter that represents the mix proportions of fresh concrete. The units 

to be used in this model are the kilogram and the centimeter. 

2.5.4 Fafitis and Shah Model (1985) 

Based on experimental results of small diameter confined concrete cylinders, simple 

analytical expressions for the stress-strain curves of confined concrete were proposed by 

Fafitis and Shah (1985). The confined concrete strength f'cc and the corresponding strain 

s can be evaluated from the following expressions: 

f = f' + 
J cc J c 

( . 3048^ 1.15 + 
V Je J fc 

fr (2.39) 

s c c =1.027 x 10 - 7 / ; + 0.0296 ̂  + 0.00195 (2.40) 
fc 

f J ^ J j L (2.41) 
s a 

where f'c = the compressive strength of concrete; and fr = the confinement index; Asp = 

cross-sectional area of spirals; fyh = yield strength of confining reinforcement; s -

spacing of spirals; and d = diameter of concrete core. 

The authors suggested that their model could be applied to square columns, which have 

longitudinal bars tied at corners or at intermediate points by supplementary cross ties. It 

was assumed that the square column is equivalent (as far as confinement is concerned) to 

a circular column having an equivalent diameter de that is equal to the side dimension of 

confined concrete core. Thus, the equation for fr becomes 
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(2.42) 

de s 
where A,h = total cross-sectional area of lateral ties. 

To predict the complete stress-strain curve of confined concrete (Fig. 2.18), the following 

expressions are proposed. For the ascending part: 

fc fee 

and for the descending part 

fc=fcc exp[-*(s c -0 U 5 ] (2.44) 

where A and k are parameters which determine the shape of the curve in the ascending 

and descending parts, respectively. Both Eqs. (2.43) and (2.44) meet at the peak stress 

with slopes equal to zero. The values of the parameters A and k are given by 

1- 1--
'cc J 

(2.43) 



53 

A = ̂  (2.45) 
J ce 

£ = 0.17/; exp(-0.01/) (2.46) 

where Ec = 33wl5«Jf¿ , and wc = unit weight of concrete in lb/f t 3 . 

The stress-strain curve for unconfined concrete can be predicted by substituting fr = 0 in 

the above equations. It is to be noted that the units to be used in the above equations are 

lb-in. 

2.5.5 Yong, Nour, and Nawy Model (1988) 

Based on their experimental results on HSC columns, Yong et al. (1988) developed a 

confinement model for HSC since none of the confinement models available at that time 

captured accurately the descending branch of the stress-strain curve of confined HSC 

columns. The model can be defined by three parameters on the curve: (1) the peak stress-

strain point (fcc^cc)' (2) the inflection point (/),8,-) on the descending branch; and (3) 

an arbitrary point (f2i,82,)on the descending branch where s 2, is equal to (2e,-e c c ) . 

The stress-strain curve is shown in Fig. 2.19. The peak stress f'cc is equal to Kf'c, where 

K is calculated as 

K = 1 + 0.0091 
f 0.2455^ ' 
1 

h" Ssd, Pc yh (2.47) 

where s = spacing of lateral ties; h" = core dimension measured center-to-center of 

peripheral hoop; n = number of longitudinal steel bars; db = nominal diameter of 

longitudinal bar; ps = volumetric ratio of lateral reinforcement; p c = volumetric ratio of 

longitudinal reinforcement; and f h = yield strength of lateral ties. The strain s c c 

corresponding to peak stress is given by 
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scc = 0.00265 + 
0.0035(1- 0.734g/*') (psfyhf3 

4Tc 
(2.48) 

Stress, fc 

fc, 

fi 

hi 

_ L _ j 

_/_ j 

di strain, ec 

Fig. 2.19 Yong et al. model (1988) 

The remaining parameters to define the coordinate points are calculated from the 

following expressions obtained from regression analysis: 

fi fee 
f f \ 

0.25 Jc + 0.4 
Kfcc J 

s,=K 1.4 + 0.0003 

fli - f'cc 0.025 f 
V1000y 

-0.065 > o.3/;c 

(2.49) 

(2.50) 

(2.51) 
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Two polynomial equations, each similar to that originally proposed by Sargin et al. 

(1971), are used to produce a smooth continuous curve for the stress-strain behavior. The 

first equation for the ascending branch is given by 

fc fee 
AX + BX' (2.52) 

\ + (A-2)X + (B + Ì)X2 

where X = sjecc; A = EczJ f'cc; B = \A - l)2/o.55] - 1 ; Ec = 27.55^ 1 5 Jf¿ ; and 

fc and 8 C = concrete stress and corresponding strain, respectively. For the descending 

branch, the following equation is proposed: 

fc fee 
CX + DX' (2.53) 

\ + (C-2)X + (D + l)X2 

where C = [{s2i - s f ) /e c c ] { M . / C C - / , ) ] - [ 4 s - / 2 ¡ ) ] } ; D = (sf - 8 2 f ) x 

fe/Oi - f M ^ l i f c e " A ) ] } ; = / , / 8 , ; and £ 2 ¿ = / 2 l . / s 2 f . 

2.5.6 Mander, Priestley, and Park Model (1988a) 

Mander et al. (1988a) proposed a unified stress-strain relationship for confined concrete 

applicable to both circular and rectangular concrete columns. The stress-strain model is 

based on an equation suggested by Popovics (1973). For a slow rate and monotonie 

loading, the compressive concrete stress fc is given by 

f>r 
fc = 

r-l + x 
where f'cc = compressive strength of confined concrete (to be defined later), and 

where ec = compressive concrete strain and 

1 + 5 J ce i 
\fco 

(2.54) 

(2.55) 

(2.56) 
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where fco and eco are the unconfined concrete strength and corresponding strain, 

respectively, and 

r = 
Ec -̂ sec 

(2.57) 

where Ec and £ s e c are the tangent and secant moduli of elasticity of concrete, 

respectively; 

Ec = 5OO0V/; (2.58) 

f 
-'-'sec 

Sec 
(2.59) 

In order to determine f'cc, the confinement effectiveness coefficient K is defined as 

K = Ae/Acc (2.60) 

where Ae = effectively confined core area; and Acc = Ac(l-pcc), where Ac = core area 

measured center-to-center of peripheral hoop, and p c c = ratio of area of longitudinal bars 

to the core area of section. 

K 

dc-s'/2 
» 1 \ 1 1 1 / 11 

X 

Effectively 
confined core 

Ineffectively 
confined core 

Cover concrete 
(spalls off) 

Fig. 2.20 Effectively confined core for rectangular section 
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Assume the rectangular section shown in Fig. 2.20, the arching action is assumed to act in 

the form of second-degree parabolas with initial slopes of 45°. Arching occurs vertically 

between layers of lateral ties and horizontally between longitudinal bars. The area of one 

parabola is (w¡)2¡6, where W¡ is the z'th clear distance between adjacent longitudinal bars 

(Fig. 2.20). This definition of the ineffectively confined area is similar to that of Sheikh 

and Uzumeri (1982) except that Mander et al. here use the clear distances (both vertically 

and horizontally) instead of the center-to-center distances. 

4 . - bA, i - -
2b. cj 

1 
2d 

(2.61) 
c J 

where bc and dc = core dimensions measured center-to-center of peripheral hoop in x 

and y directions, respectively; n = number of arcs, which is equal to the number of 

laterally supported longitudinal bars; and s' = clear distance between tie sets along 

column axis. Substituting Eq. (2.61) into Eq. (2.60), K is given by 

K = 

1 1-
2b c J 

1-
2d cj 

( l - p j 
(2.62) 

In case of rectangular sections having different quantities of transverse reinforcement i n * 

and y directions, the following terms are defined: 

(2.63) 

where Asx and A = total areas of transverse reinforcement in x and y directions, 

respectively. The effective lateral confining stresses in x and y directions are 

f¡x=Kpxfyh (2.64) 

fiy=Kpyfyh (2.65) 
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Mander et al. developed a contour graph to determine the confined strength ratio f ' c c ¡ fco 

with fix, fly being the input values. This figure was developed based on the "five-

parameter" multi-axial failure surface described by Willam and Warnke (1975). The 

authors also provided stress-strain curve for unconfined concrete, as shown in Fig. 2.21. 

Equations (2.54) through (2.59) can be used to determine the curve by substituting fco 

and e c 0 in lieu of f'cc and e c c , respectively. The part of the falling branch of the curve 

where s c > 2 e c 0 can be assumed linear up to zero stress at the spalling strain s . 

An energy balance approach is used to predict the longitudinal compressive strain in the 

concrete corresponding to first fracture of transverse reinforcement by equating the strain 

energy capacity of the transverse reinforcement to the strain energy stored in the concrete 

as a result of confinement. 
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2.5.7 Modified Saatcioglu and Razvi Model (1992,1999) 

An analytical model was proposed by Saatcioglu and Razvi (1992) to construct the stress-

strain relationship for confined concrete in columns. It is based on equivalent uniform 

confinement pressure exerted by the transverse reinforcement. The procedure recognizes 

the potential differences in confinement pressures in two orthogonal directions, and 

allows for superposition of confinement effects from different types and arrangements of 

reinforcement. When this model was applied to predict the stress-strain behavior of high-

strength concrete columns, it was found that it overestimates the initial modulus of 

elasticity, as well as the ductility. Therefore, Razvi and Saatcioglu (1999a) modified the 

original model to make it applicable to both normal- and high-strength concrete columns. 

In the following, the modified model by Saatcioglu and Razvi will be briefly outlined. 

The model uses the same concept as that of Richart et al. (1929) to express the triaxial 

strength of concrete cylinders in terms of the uniaxial strength and uniform lateral 

confining pressure. However, while the uniform pressure can be easily obtained from the 

spiral tension in a circular column, it is difficult to be determined from square or 

rectangular ties. Figure 2.22 shows typical distribution of lateral pressure in a square 

concrete section. The lateral tie can develop high restraining forces at the comers or at 

locations of supplementary cross ties, where it is supported laterally by the tie legs, and 

low restraining forces between the laterally supported segments. The restraining forces at 

the supported points depend on the axial rigidity of the tie legs, while between these 

points is related to the flexural rigidity of the ties, which is normally very small compared 

to their axial stiffness. Therefore, the strength of confined concrete should be expressed in 

terms of an equivalent uniform pressure fle, as shown below: 
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Fig. 2.22 Confinement pressure: (a) Development of confinement pressure in column 
with four corner bars; (b) Variation of confinement pressure 
with reinforcement arrangement 

fi 

fee — feo + fie 

*, =6 .7( / , , ) -»" 

//e = klfl 

Z^'sina 

(2.66) 

(2.67) 

(2.68) 

(2.69) 

where / c ' c and / c o = confined and unconfined concrete strengths, respectively; f¡ = 

uniform lateral pressure; kx = coefficient obtained from regression analysis of test data; 



61 

k2 = a reduction coefficient to reflect the variation in confining pressure; As = area of 

one leg of transverse ties; f's = tensile stress in lateral ties and can be taken as their yield 

strength in case of normal-strength concrete; s = spacing of ties along the column axis; bc 

= core dimension measured center-to-center of peripheral hoop; and a = the angle 

between the transverse reinforcement and bc, and is equal to 90° i f the transverse 

reinforcement is perpendicular to bc. 

It is clear from the aforementioned discussion that k2 is inversely proportional to the 

spacing of laterally supported longitudinal bars s¡ and spacing of ties, s. From regression 

analysis, the following expression is derived for k2 : 

k2 =0.15 
\s ) 

<1.0 (2.70) 

Rectangular columns may have different confinement reinforcements in two orthogonal 

directions. This may lead to different levels of confinement pressure along the sides of the 

section. Figure 2.23 illustrates lateral pressure distributions along the long and short sides 

of a rectangular-column section. Confinement pressure from the longer side plays a more 

dominant role on concrete strength than along the short side. Therefore, the following 

equation was proposed for the overall equivalent lateral pressure fle : 

_ flex^cx + fleybçy 
fi le 

bex + bey 
(2.71) 

where flex and fley = effective lateral pressures acting perpendicular to core dimensions 

bcx and b^, respectively. 
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Fig. 2.23 Confinement pressure in rectangular column 

The stress-strain relationship for confined concrete is shown in Fig. 2.24. The relationship 

consists of a curve for the ascending branch, a linear descending branch, and a constant 

residual strength equal to 0.2f'cc. The strain ecc at which the confined concrete strength 

occurs can be determined as 

e c c = s c o ( l + 5*3* 5) (2.72) 

where 

* 3 = i ° < 1 . 0 
fa 

k5 = K fie 

fco 

(2.73) 

(2.74) 

and s c o = strain corresponding to peak stress of unconfined concrete. The relationship 

proposed by Popovics (1973) and later used by Mander et al. (1988a) (see Eqs. (2.54) 

through (2.59)), was adopted for the ascending branch. The only exception is that the 

expression proposed by Carrasquillo et al. (1981) for Ec is used: 

Ec = 3320. / / + 6900 (2.75) 
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Fig. 2.24 Modified Saatcioglu and Razvi model (1999) 

To determine the slope of the descending branch, the strain corresponding to 0.85 f'cc 

beyond the peak stress s 8 5 is given by 

s 8 5 = 260*3 Ps s cc & + 0-5*2 -1)] + e 0 8 5 (2-76) 

where e 0 8 5 = strain corresponding to 85% of peak stress on the descending branch of 

unconfined concrete, and 

Ps = 

= ^ > 1 . 0 
500 

S 4 « + ^ ¿sy 

(2.77) 

(2.78) 

where V Asx and ]j>] ̂  are the summation of tie legs in x and y directions, respectively. 

In the absence of experimental data, the following expressions for eco and s 0 8 5 are 

proposed: 

eco = 0.0028 - 0.0008*3 (2.79) 



64 

S o s s i o +0.0018¿32 (2.80) 

2.5.8 El-Dash and Ahmed Model (1994) 

An analytical model was developed by El-Dash and Ahmed (1994) to predict the stress-

strain relationship of confined concrete in NSC and HSC columns. The columns may 

have square or rectangular cross sections with different arrangements of transverse 

reinforcement. 

Similar formulations to that of Richart et al. (1929) for confined concrete strength f'cc, 

and to that of Ahmed and Shah (1982) suggested for corresponding strain s c c are used: 

fcc=fco+Kfl (2.81) 

e c c = e « , + * 2 7*- (2.82) 
J CO 

where / c o and sco= unconfined concrete strength and corresponding strain given by 

zco = 0.001648 + 0.000016/co (2.83) 

A concept similar to that proposed by Saatcioglu and Razvi (1992) is adopted to calculate 

the effective lateral pressure: f¡ 

fi = Psefyh (2.84) 

where fyh = yield strength of lateral ties; and pse = equivalent volumetric ratio of 

transverse reinforcement, and can be calculated as 

"se - 7 ~T (Z.S:>J 

where and b^ are core dimensions measured center-to-center of the peripheral hoop; 

and psx and p^, are volumetric ratios of lateral ties in x and y directions, respectively 
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where Asx and Asy= the summation of the cross sectional areas of transverse 

reinforcement in x and y directions, respectively; and s = the spacing of lateral ties. 

Strain, s 

Fig. 2.25 El-Dash and Ahmed model (1994) 

The factors kx and k2 in Eqs. (2.81) and (2.82) can be determined from the following 

expressions: 

fco me kx = 0.7 
\fyh Pse J 

* 2 =55000(/H epJ a 2 (fcoì 

yh 

where me is an efficiency factor given by 

me = 
bcx bcy bcx bcy 
Slx Sly S S 

(2.87) 

(2.88) 

(2.89) 
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and a = ^-3 
78 

(2.90) 

where % and s!y are the spacings between tied longitudinal bars in x and y directions, 

respectively. 

The following fractional equation is used to predict the complete stress-strain relationship 

for confined concrete (Fig. 2.25): 

Ax + (B-\)x2  

f c ' J c c \ + (A-2)x + Bx2 
(2.91) 

s E f 
where x = -2- ; A = —— ; Esec = ; and B is a parameter that governs the descending 

branch of the stress-strain curve 

* = 130.9(pJ 0.3 /, yh 

. ( / J 2 5 

The modulus of elasticity of concrete Ec is expressed as 

£ , = 0 . 0 4 3 ( » - ) ' S ( / J ° 5 

where wc is the unit weight of concrete in k g / m 3 . 

(2.92) 

(2.93) 

2.5.9 Cusson and Paultre Model (1995) 

Cusson and Paultre (1995) developed a confinement model for HSC columns using 

results from axial compression tests by Nagashima et al. (1992) and Cusson and Paultre 

(1994). Based on regression analysis of test data, the following expressions are derived 

for the confined concrete strength f'cc and corresponding strain s c c : 

fed'fco =1-0 + 2 .1(4/ ' fccT (2-94) 

s c c = s c o + 0 . 2 l ( / / e / / c o ) 1 7 (2.95) 

where fco and zco = unconfined concrete strength and corresponding strain, respectively; 

and fle is the effective confinement pressure given by 
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fie = Vi (2.96) 

The factor K is the confinement effectiveness coefficient and is calculated by the same 

expression (Eq. (2.62)) proposed by Mander et al. (1988a), and f¡ is the nominal lateral 

pressure expressed as 

f 
fi = A 

5 

'A +A N 

K

bcx+bcy J 
(2.97) 

where f's = stress in transverse reinforcement at maximum stress of confined concrete; 5 

= spacing of lateral ties; Asx and A^ = total area of lateral steel parallel to the x and y 

axes, respectively; and and b^ are concrete core widths parallel to x and y axes, 

respectively. 

Confined 
concrete 

Strain, s. 

Fig. 2.26 Cusson and Paultre model (1995) 

It has been observed by Cusson and Paultre (1994) that the yield stress of lateral steel was 

developed at the peak stress of confined concrete only for well-confined concrete 
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specimens, and is directly related to the effective confinement index = fle¡ fco . Hence, 

the following relation was suggested to compute the strain in lateral steel at peak load: 

e ; = 0 . 5 s J l - ( 4 / / c ' c ) ] (2.98) 

The stress-strain relation of lateral steel can then be used to compute f's. But since at that 

stage of the calculation process e c c and fle are not known, Cusson and Paultre (1995) 

suggested an iterative procedure to compute f's. 

The proposed stress-strain curve for confined HSC is shown in Fig. 2.26. Cusson and 

Paultre use the same relationship originally proposed by Popovics (1973) and later used 

by many researchers (see Eq. (2.54)) to describe the ascending part (OA) of the 

relationship. The descending part (ABC) is a modification of the relationship proposed by 

Fafitis and Shah (1985): 

/c=/c 'c - exp [* 1 ( s c - s c c ) ^ ] (2.99) 

Vfc50 fccc/ 

k2 =0.58+ 16(/JfJA (2.101) 

850 =8050 + 0 . 1 5 ( / ^ ) 1 - 1 (2.102) 

where s 5 0 and e 0 5 0 are the strains corresponding to 50% of the maximum stress on the 

descending branch of the stress-strain curve of confined and unconfined concrete, 

respectively. The proposed confinement model can be used to predict the stress-strain 

curve of unconfined concrete by substituting in the preceding equations with the 

respective values for unconfined concrete strength and strain and setting k2 = 1.5. 

2.5.10 Hoshikuma, Kawashima, Nagaya, and Taylor Model (1997) 

Reinforced concrete bridge piers constructed in Japan have larger concrete sections and 

lower volumetric ratios of transverse reinforcement than those constructed in the United 
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States and New Zealand. Hoshikuma et al. (1997) argued that the previously published 

models at that time might not adequately represent confinement effects in the range of 

lower transverse reinforcement ratios. Based on axial compression tests on concrete 

columns with circular, square, and wall-type cross sections, Hoshikuma et al. proposed 

the following confinement model for concrete columns. 

As shown in Fig. 2.27, the stress-strain curve consists of two parts: an ascending branch 

and a linear falling branch. The proposed model does not include a sustaining branch like 

other confinement models, since it was believed that region is not critical in seismic 

design. Instead, an expression for the ultimate strain zm is used to define the useful limit 

after which the damage in the column is excessive and not repairable. 

Stress, fc 

Fig. 2.27 Hoshikuma et al. model (1997) 

From regression analysis of test data, the following expressions are suggested for the 

confined concrete strength f'cc and corresponding strain s c c for square sections 
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í 
fee feo 1.0 + 0.73 Psfyh 

fc 

ecc =0.00245 + 0.0122 

co J 

Psfyh 

feo 

(2.103) 

(2.104) 

where fco = unconfined concrete strength; ps = volumetric ratio of transverse 

reinforcement; and f h = yield strength of transverse reinforcement. 

The deterioration rate was found to be inversely proportional to psfyh/ f?0 , and the 

following expression is given from regression analysis: 

Eàes = 
Psfyh 

(2.105) 

The ultimate strain, s c u , is defined as the strain corresponding to 50% of the peak stress, 

f : 

J cc • 
f 
J cc *cu = e c c + 2E, 

(2.106) 
des 

An exponential equation is developed for the ascending part of the stress-strain curve, 

which satisfies the condition of dfc I dec = Eci at zc = 0, where Eci is the initial tangent 

modulus of concrete. Standard values for Eci are provided by the Japanese Specifications 

(1991). 

fc = Ec£c 1-1 
n \scc; 

where n = 
EciZcc 

(2.107) 

(2.108) 
Eciecc fee 

The falling branch of the stress-strain curve is idealized as a straight line, and is given by 
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fc~fcc -^des(ec £ c c ) (2.109) 

In a discussion to this model, Razvi and Saatcioglu (1998) criticized the model for the 

following reasons. The spacing and arrangement of transverse reinforcement are not 

included as parameters in the confinement model although it was shown by many 

investigators that these factors have significant effects on the behavior of confined 

concrete. In addition, the rate of deterioration Edes is proportional to the square of the 

concrete strength, which contradicts the experimental evidence and even intuitively hard 

to accept. 

2.6 SEISMIC CODE PROVISIONS FOR CONFINEMENT 

2.6.1 North American Codes (ACI 318-02; CSA-A23.3-94; ASSHTO 1992) 

The seismic provisions of these codes for transverse reinforcement in columns are very 

similar, and hence will be discussed together in this section. The philosophy of the current 

North American codes for confinement reinforcement in columns is that the strength loss 

due to spalling of concrete cover should be offset by the increase in strength of the 

concrete core due to confinement in order to maintain the same level of the axial load 

capacity of column. According to CSA-A23.3-94 Code, the required total cross sectional 

area of rectangular ties Ash

 m e a c n direction of the column cross section is to be 

determined from the following: 

Ash=03shc 

fyh 
-5—1 (2.110) 

but not less than 

A,„ = 0.09SA, 
fyh 

(2.111) 

where s = spacing of transverse reinforcement along the longitudinal axis of column; hc = 

cross sectional dimension of column core measured center-to-center of peripheral hoop; 
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A = gross area of section; Ac = area of concrete core measured out-to-out of the 

peripheral hoop; f'c - compressive strength of concrete; and f h - yield strength of 

transverse reinforcement. Furthermore, the spacing of lateral reinforcement should not 

exceed the least of: 1/4 of the minimum member dimension, 100 mm, or 6 times the 

diameter of the smallest longitudinal bar. The ACI 318-02 Code relaxes the 100-mm to 

the smallest of 150 mm and as calculated by the following equation: 

5 = 100 + (2.112) 
V 75 j 

where hx is the maximum horizontal spacing of hoop or cross tie legs on all faces of the 

column. 

The transverse reinforcement determined from Eqs. (2.110) and (2.111) is to be provided 

over a length l0 from the face of each joint where flexural yielding may occur, and to be 

taken not less than the depth of the member, 1/6 of the clear span of the member, or 450 

mm. 

The provisions of the American Association of State Highway and Transportation 

Officials (AASHTO 1992) differ from the Canadian Standard only in the use of a 

coefficient of 0.12 in lieu of 0.09 in Eq. (2.111). 

2.6.2 New Zealand Standards (NZS 3101:1995) 

The New Zealand Standards adopted the equation proposed by Watson et al. (1994) (see 

Section 2.7.1) for confinement reinforcement in columns: 

( l . 3 - p . w W A J ' p 
Ash=± ^ SJ^^L 0.006sA" (2.113) 

3.3 AcfyhW'cAg 

where pg = ratio of longitudinal reinforcement in column; m = fy /0.85 f'c ; h" = cross 

sectional dimension of column core measured out-to-out of peripheral hoop; Pu = design 
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axial load of column at ultimate limit state; and § = is strength reduction factor to be 

taken as 0.85. 

A. 
In Eq. (2.113), — is to be taken not less than 1.2, p m is not to be taken greater than 

Ac 

0.4, and f h shall not be taken larger than 800 MPa. Other limits on tie spacing are 

similar to those of the ACI Code: the spacing of lateral reinforcement shall not exceed the 

smaller of 1/4 of the minimum member dimension or 6 times the diameter of the smallest 

longitudinal bar. At this point, it should be mentioned that the New Zealand Standards 

require that cross ties should be anchored by at least a 135° hook. 

According to the New Zealand Standards, the lengths over which confinement 

reinforcement is placed at column ends are dependent on the axial load level. These 

lengths are the end regions adjacent to moment resisting connections, and are to be 

determined as follows: 

(a) For Pu < 0.25§f¿Ag, the greater of the longer member cross-section dimension or 

where the moment exceeds 0.8 of the maximum moment. 

(b) For 0.25<()/c' Ag < Pu < 0.50§fc'Ag, the greater of two times the longer member cross-

section dimension or where the moment exceeds 0:7 of the maximum moment. 

(c) For 0.50§f¿Ag <PU <0.70§Po (the nominal axial capacity of the column), the 

greater of three times the longer member cross-section dimension or where the 

moment exceeds 0.6 of the maximum moment. Dynamic modification and over 

strength actions at the end of the member are to be taken into account when 

determining the maximum moment at the end of the member. 

2.6.3 Comparison between ACI Code and New Zealand Standards 

Since the equations for confinement reinforcement for columns of the two building codes 

cannot be directly compared to each other, a numerical example will be presented herein. 
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Consider a square concrete column 500 x 500-mm in cross section with 12 No. 20 

longitudinal bars (inset of Fig. 2.28). The concrete strength f'c is 40 MPa and the yield 

strength of transverse reinforcement f h is 400 MPa. The cover thickness to the No. 10 

peripheral tie is taken as 20 mm, and the spacing of ties along the column longitudinal 

axis is 100 mm. 

4.0 

3.0 

2.0 

1.0 

500 
r R 
L ü 

500 

20 

NZS (3101: 1995) 

A C I 318-02 

0.0 1 1 1 1 ' 1 1 1 1 1 1 

0.0 0.2 0.4 0.6 0.8 1.0 

P l f ' c A

g 

Fig. 2.28 Comparison between ACI 318-02 and NZS (3101: 1995) Codes 

A comparison between the required quantities of transverse reinforcement according to 

the two codes for axial load levels [Pif'cAg ) between 0.1 and 0.8 is shown in Fig. 2.28. 

Equation (2.111) governed the design for Ash according the ACI Code, whereas Eq. 

(2.113) was used for the New Zealand Standards, except for axial load levels below 

0.16P/ f'c Ag, where the design was governed by the requirements to prevent premature 

buckling of longitudinal bars. As shown in the figure, the transverse reinforcement 
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requirements of the two codes are nearly equal at an axial load level of 0.3. The New 

Zealand Standards demands higher amounts of transverse reinforcement for axial load 

levels above 0.3, whereas the ACI Code is more conservative for axial load levels less 

than 0.3. 

2.6.4 Critical Review of North American Code Provisions for Confinement 

Many researchers over the past two decades have raised critiques to the current provisions 

of the North American Codes for the confining reinforcement in tied columns. These 

critiques will be summarized in the following: 

1. The equations of the codes give the required amount of lateral reinforcement, 4»> 

without considering the effect of tie configuration. Sheikh and Uzumeri (1980) 

concluded that the distribution of tied longitudinal bars around the core perimeter and 

the resulting tie configuration has a significant effect on the column's ductility. 

Accordingly, the code equations should include a factor that depends on the tie 

configuration. 

2. The applied level of axial load on the column has an adverse effect on the column 

ductility. This is because at higher levels of axial load, the neutral axis depth 

increases, and that in turn reduces the slope of the strain diagram, and hence the 

section ductility. Moreover, the section behavior becomes more dependent on the 

concrete stress block, rather than on the longitudinal steel. Many investigators (e.g., 

Sheikh and Khoury 1993; Priestley and Park 1987; Saatcioglu and Grira 1999) have 

pointed out that axial load level reduces the column's deformability significantly, and 

should be included as a design parameter. At this point, it should be mentioned that 

the New Zealand Standards recognize this fact as evident from Eq. (2.113). 

3. The philosophy of the current building codes is that the strength loss due to spalling 

of concrete cover should be offset by the increase in strength of the concrete core due 



76 

to confinement in order to maintain the same axial load capacity of column. This 

approach neglects ductility as an important parameter in seismic design. Potential 

hinging zones in columns must be detailed for adequate ductile behavior without 

significant strength decay under seismic loading. Furthermore, columns in zones of 

different levels of seismic risk should be detailed differently according to the ductility 

demand for each zone. 

4. The code provisions for confinement reinforcement are not directly applicable to HSC 

columns since there are many aspects that distinguish their behavior from that of NSC 

columns. These factors include the inherent brittle behavior of HSC, higher modulus 

of elasticity, which results in smaller lateral deformations that delays the development 

of stress in lateral ties, and the sudden loss of concrete cover. Experimental evidence 

on axially loaded HSC columns (Cusson and Paultre 1994; Saatcioglu and Razvi 

2000) indicated that when the concrete cover is completely spalled off, the tensile 

stresses in the lateral reinforcement is significantly lower than its yield strength. That 

results in a sudden drop of the axial load capacity of the column, since the concrete 

core is not adequately confined at that stage. The same observation has been reported 

for columns under simulated earthquake loading (Bayrak and Sheikh 1998; Paultre et 

al. 2001). 

2.7 PROPOSED REVISIONS TO SEISMIC CODES 

2.7.1 Paulay and Priestley (1992) 

Based on previous research on bridge columns (Scott et al. 1982; Park et al. 1982; Zahn et 

al. 1989), a simplified conservative representation for required confining reinforcement 

area Ash for rectangular sections was developed by Paulay and Priestley (1992). This 

equation takes into account the effect of axial load level and required curvature ductility 

of the column as follows: 
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Ash=sh"k fc' AZ -5i 0.08 
f c \ 

(2.114) 
fyh A 

where Ac is the area of concrete core measured center-to-center of the peripheral tie; Pu 

is the design axial load of the column at ultimate limit state; and h" is core dimension 

measured center-to-center of the peripheral hoop. The factor k = 0.35 for a required 

curvature ductility of = 20 and k = 0.25 when =10. Other values for k can be 

found by interpolation or extrapolation. 

2.7.2 Watson, Zahn, and Park (1994) 

Zahn et al. (1986) derived design charts for ductility and flexural strength of confined 

concrete columns using a computer program for cyclic moment-curvature analysis 

developed by Mander et al. (1984). Watson et al. used these charts to obtain refined 

design equations for the transverse confining reinforcement required in the potential 

plastic hinge regions of reinforced concrete columns. The 95th percentile values of the 

area of transverse reinforcement obtained from the design charts and a regression analysis 

were used to obtain the best-fit equations by the least squares method. The proposed 

equation for rectangular columns takes the form 

{(<|>„/O-33p./?!+ 22} s h" AJ'C p 
Ash = l V Y " Y W Î-I i ^ _ L 0.0065¾" (2.115) 

3.3 AcfykWc¿g 

where § u /<|> is the required curvature ductility. The New Zealand Standards adopts this 

equation after substituting <)>„ /<)> = 20 to ensure adequate ductile behavior under severe 

earthquakes. 

2.7.3 Sheikh and Khoury (1997) 

Based on the experimental results of 29 column specimens of concrete strengths up to 55 

MPa, a design procedure was proposed by Sheikh and Khoury (1997) in which the 

amount of lateral steel is a function of the required curvature ductility, axial load level, 
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and the lateral tie configuration. The relationship between the amount of lateral steel as 

recommended by the ACI Code Asht c and the suggested amount of lateral steel Ash is 

given by 

where a is a parameter that accounts for the confinement efficiency including the lateral 

tie configuration and the lateral restraint provided to the longitudinal bars. The parameters 

Yp and take into account the effect of axial load level and the column expected 

ductility, respectively. 

Three categories for lateral steel configuration were identified. Category I represents 

columns where only a single-peripheral hoop is used. Category II, in addition to the 

peripheral hoop, contains at least one middle longitudinal bar at each face of the column 

supported at alternate points by a cross tie that is not anchored in the core (90° cross tie). 

Category III includes columns in which a minimum of three longitudinal bars is 

effectively supported by the peripheral hoop corners and cross ties that are well anchored 

in the column core. For Category I, the value of a is to be taken as 2.5, while it is equal to 

1.0 for categories II and III. Furthermore, Sheikh and Khoury specify limits on the axial 

load levels for each category depending on whether the column is designed to be highly 

ductile (u^ > ló) or moderately ductile (8 < \i^ < 16), where is the curvature ductility 

of the column. 

The following expressions for YP and K , based on least squares analysis of the 

experimental results, are suggested: 

Ah - {Ash,c)Y (2.116) 

where Y is a factor expressed as 

Y = aYPY¡ (2.117) 

Yp =1 + 13 (2.118) 
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7.= M U 5 

29 
(2.119) 

where P is the applied axial load on the column and P0 is the nominal axial load capacity 

of the column. Substituting for Yp and K using Eqs. (2.118) and (2.119) into Eq. 

(2.116), the final form of the design equation is written as 

sh 
1 
1 + 13 

'p' 
a - 1 + 13 > 1 [ J 

29 
(2.120) 

In a later study on the behavior of HSC and UHSC columns of concrete strengths 

between 55 MPa and 120 MPa, Bayrak and Sheikh (1998) suggested that the expression 

for Yp could remain unchanged, while the factor K should be modified as follows: 

n =• 
8.12 

(2.121) 

2.7.4 Wehbe, Saiidi, and Sanders (1999) 

Wehbe et al. (1999) proposed an equation to correlate the attainable displacement 

ductility to the amount of lateral steel in the plastic hinge zone of moderately confined 

rectangular bridge columns. The proposed equation is similar to the expression given by 

the "Bridge Design Specifications" issued by the Applied Technology Council (ATC-32 

1996). Wehbe et al. believe that, at low confinement levels, the variation in material 

strength might have a more pronounced effect on the ductility than in the case when high 

confinement is provided. The proposed equation is given by 

Ah = 0 - 1 ^ 
fc, n 

J ce 

f 
0 . 1 2 ^ 

/, ye 
0.5 + 1.25-

V fee A J 

f 
+ 0.13 

V fs, n 
-0.01 s hc (2.122) 

where p A = the target displacement ductility; fcn = specified concrete compressive 

strength; f'ce = expected concrete compressive strength; fye = expected lateral steel yield 
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stress; / = expected longitudinal steel yield stress; and fsn = specified longitudinal 

steel yield stress. 

According to Eq. (2.122), columns with higher longitudinal steel ratio, pg, are less 

ductile than similar columns with lower amounts of longitudinal steel, and thus require 

more confinement steel to achieve the same level of ductility. This notion contradicts 

what is implied by the New Zealand Standards (Eq. 2.113) that the longitudinal steel ratio 

has a favorable effect on confinement, since in this case the flexural strength of the 

column will be less dependent on the concrete strength. It appears that the effect of 

longitudinal steel ratio on the ductility of columns needs further investigation. 

2.7.5 Saatcioglu and Razvi (2002) 

Based on large volume of static inelastic (pushover) analyses to generate a large volume 

of data, a displacement-based design procedure for confinement reinforcement in 

columns was developed by Saatcioglu and Razvi (2002). The procedure was verified 

against experimental results for both NSC and HSC columns. For axial load levels 

P > 0.2Po, the lateral reinforcement Ash in the direction of lateral loading is given by 

Ah -
f 

yh 
-1 

1 P 

\&2 '^o 
8 i K (2.123) 

where k2 = confinement efficiency parameter given by Eq. (2.70); and ô = drift capacity 

ratio, defined as horizontal displacement at column tip corresponding to 20% decay in its 

moment capacity divided by the column height. 

2.8 NUMERICAL ANALYSIS 

2.8.1 Finite Element Analysis 

With the rapid development of modem numerical analysis techniques and high-speed 

digital computers, the finite element method has become an important tool to analyze the 
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complicated behavior of concrete structures. Though concrete cannot be strictly 

categorized as a continuum due to its micro discontinuities, it can be considered, when 

averaged over a finite region, to be a continuum. Using finite element analysis, it is then 

possible to simulate the concrete structural behavior, provided that the constitutive 

relations are sound representations of the concrete behavior under different loading 

conditions. Since the objective of this research is to study confinement in reinforced 

concrete columns at large inelastic deformations, nonlinear analysis should be adopted for 

such a study. 

Nonlinear analysis of reinforced concrete is complicated by several factors which include: 

(1) the nonlinear stress-strain relationship of concrete; (2) yielding and strain hardening of 

reinforcement; (3) the multi-axial behavior and strength of concrete; (4) concrete cracking 

in tension and the tension stiffening effect; (5) shear stiffness in cracked members due to 

aggregate interlock and dowel action; and (6) the interaction between concrete and steel. 

The application of finite element analysis to study the confinement mechanism in 

concrete columns is very limited. Only a few studies have been published in this area, 

which will be summarized in the following. 

Chen and Mau (1989) simulated the behavior of spirally reinforced circular concrete 

columns under axial compression tested by Ahmed and Shah (1982). The model used was 

a plastic-fracturing formulation originally developed by Bazant and Kim (1979). Chen 

and Mau recalibrated the model based on the published axial and multi-axial test results. 

Comparisons of finite element analyses and those of test results indicated good 

agreement, with the exception that the model seemed to be too stiff for unconfined 

concrete. 

Abdel-halim and Abu-Lebdeh (1989) conducted an analytical study of concrete 

confinement in axially loaded columns. Some of the specimens tested by Scott et al. 
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(1982) were compared to the finite element results to prove the validity of the model. 

Three-dimensional eight-node solid elements were used to model the concrete. The lateral 

and longitudinal steel were modeled using truss elements. The concrete behavior was 

idealized using an isotropic nonlinear elastic model previously proposed by Cedolin et al. 

(1977). Approximate expressions for the secant modulus, and the secant shear modulus 

were used. To model cracking in concrete, the material was softened isotropically by 

reducing the modulus of elasticity according to the assumed stress-strain curve of 

concrete in tension. 

Xie et al. (1994) used a fracture energy-based plasticity formulation previously proposed 

by Pramono and Willam (1989) after extending it to solve three-dimensional loading 

cases. The model uses a unified formulation for both tension and compression. A non-

associated flow rule controls the plastic deformations. The strain-softening concept is 

included for concrete in tension and triaxial compression. The model has the ability to fit 

triaxial compression tests, which is a very important aspect in analyzing confined 

concrete columns. The model was verified against eccentrically loaded HSC rectangular 

columns previously tested at the University of Alberta (Ibrahim and MacGregor 1994). 

The finite element model successfully captured the load-deformation behavior of the 

tested specimens. 

Karabinis and Kiousis (1996) developed a plasticity model to evaluate the load-

deformation response of reinforced concrete rectangular columns under concentric 

loading. Concrete was modeled as an elastoplastic, strain hardening/softening material, 

with stress-path dependent strength and a non-associated flow rule. The confinement 

mechanism of different tie configurations was modeled by dividing the cross section of 

the column into a number of zones subjected to various levels and directions of 

confinement pressures. The capability of the plasticity model to predict the response of 

concrete columns under axial compression was demonstrated based on comparisons with 

several published experimental results. 
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Pallewatta et al. (1996) used a three dimensional elastoplastic and continuum fracture 

formulation to model the behavior of confined concrete in rectangular columns. The 

model was verified against concentric loading tests on square concrete columns confined 

by only peripheral hoops without longitudinal reinforcement or concrete cover at the 

University of Tokyo by the same authors. Two layers of 20-node isoparametric elements 

were used between each two successive levels of ties. It was concluded that modeling the 

lateral ties with beam elements, which can take into account the flexural and shear 

stiffness of the bars gives better predictions when compared with experimental results 

than modeling the ties with truss elements. 

Liu and Foster (1998) developed an axi-symmetric finite element model for confined 

concrete members based on the microplane formulation. The formulation divides each 

sample point into a number of microplanes over which the volumetric, deviatoric, and 

tangential material laws are numerically integrated. Foster et al. (1998) used their model 

to simulate the behavior of circular HSC columns tested by other researchers. Cover 

spalling is simulated by setting the elastic modulus of the cover elements to a low value 

once a threshold tension strain is reached at the cover-core interface, with the threshold 

tension strain chosen to match experimentally recorded axial strain data. The model 

predictions agreed very well with the test results. 

Kwan and Billington (2001) selected a set of models and parameters available in a 

finite-element commercial code to represent the behavior of concrete and steel under 

cyclic loading. The selected set of models was successfully verified against experiments 

of cyclically loaded structural concrete components. The authors were able to simulate 

the hyteresis loops of two column specimens previously tested by Saatcioglu and Ozcebe 

(1989). An elasticity-based concrete model with rotating smeared cracking in tension and 

strain softening in compression was used. The effect of confinement was taken according 

to the model by Mander et al. (1988a). Secant unloading and reloading was adopted for 

concrete in tension and compression, while the Bauschinger effect was incorporated in 
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the steel model to represent the softening of the steel modulus upon unloading and 

reloading. Concrete is modeled with eight-node plane stress elements; longitudinal and 

transverse reinforcement were modeled as embedded bar elements. 

2.8.2 Moment-Curvature Analysis 

As described in the preceding section, successful finite element analysis of concrete 

columns depends largely on the development of a reliable constitutive model for concrete, 

which in many cases cannot be available to investigators and could be time-consuming to 

develop and verify. A simpler approach is to develop computer programs (e.g., Samra 

1990; Sheikh and Yeh 1992) to carry out calculations for the theoretical moment-

curvature relations of the critical section of the column under investigation. The cross 

section can be divided into large number of small layers. Each layer contains two types of 

concrete: confined concrete (core) and unconfined concrete (cover). The stress-strain 

curve of the core concrete can be assumed to be any of the analytical models described 

previously in Section 2.5. The moment-curvature relationship can be traced by increasing 

the extreme fiber compressive strain and satisfying the equilibrium conditions. A detailed 

description of the procedure is given in Section 5.5. 

2.8.3 Static (Pushover) Analysis 

The above-mentioned moment-curvature analysis can be extended to compute the lateral 

deflection at the top of a cantilever column by calculating the static moment of area under 

the curvature profile along the height of the column. This procedure is referred to as static 

inelastic analysis or pushover analysis. An important aspect in these calculations is the 

modeling of the progression of plastic deformations (hinging) near the bottom of the 

column and the associated plastic hinge length (Abo-Shadi et al. 2000; Razvi and 

Saatcioglu 1999b). The aforementioned procedure can account only for the calculation of 

the displacement due to flexure deformations. Additional displacement components 

include displacements due to anchorage slip and shear deformations. Displacement due to 

anchorage slip of longitudinal bars near the critical section at the column base can be 
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evaluated using appropriate empirical models (Alsiwat and Saatcioglu 1992; Wehbe et al. 

1997). Shear deformations can be calculated from empirical equation proposed by Park 

and Paulay (1975). Detailed descriptions of the analytical procedure and the assumptions 

made regarding the used empirical models can be found elsewhere (Yalcin and Saatcioglu 

2000; Abo-Shadi et al. 2000). 

2.9 SUMMARY 

Reinforced concrete square or rectangular columns can be detailed to possess adequate 

ductile behavior during large inelastic deformations. This is normally achieved through 

usage of properly detailed and closely spaced transverse reinforcement. This chapter has 

reviewed the experimental work and the analytical models used to describe the stress-

strain behavior of confined concrete. The most commonly used expressions adopted to 

evaluate the ductility and energy dissipation of a concrete column based on its hysteretic 

behavior are briefly presented. Empirical equations for the potential plastic hinge length 

of a column are also reviewed. A summary of the major experimental programs to 

investigate the behavior of concrete columns under axial and lateral loading is briefly 

presented. The recent empirical models developed based on experimental evidence to 

predict the stress-strain curves of confined concrete under axial loads are discussed. The 

North American and New Zealand Codes provisions for confinement reinforcement are 

outlined with a short comparison between them. In addition, critical evaluation of 

building codes and proposed revisions to the codes' expressions for confinement 

reinforcement in columns are highlighted. The chapter is concluded by a brief summary 

of finite element techniques and other numerical tools attempted by researchers to predict 

the behavior of concrete columns under large inelastic axial and lateral deformations. 
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CHAPTER 3 

EXPERIMENTAL PROGRAM 

3.1 INTRODUCTION 

The purpose of this research program is to investigate the behavior of concrete columns 

laterally reinforced with double-head studs under seismic loading, and compare their 

effectiveness to conventional cross ties. Building codes allow anchorage of cross ties with 

hooks of either 180°, 135° or 90° at one end and 135° at the other end. The 90° hooks of 

successive cross ties engaging the same longitudinal bar are to be alternated end for end. 

Since the installation of cross ties with either 180° or 135° hooks is difficult, cross ties 

with 90° and 135° hooks are frequently used in practice. The effectiveness of this type of 

cross ties in concrete confinement will be compared with double-head studs in columns 

subjected to cyclic loading. 

The limited capacity of both the test frames and the available MTS actuators available at 

the Structures laboratory at the University of Calgary necessitated the construction of a 

new test setup. The main purpose of the test setup is to apply a constant axial load while 

imposing incremental lateral displacement reversals at the free end of column specimens. 

3.2 TEST SETUP 

Figure 3.1 shows a schematic view of the test setup. The axial load is applied on the test 

specimen [1] by post-tensioning four-36 mm Dywidag bars [2] using a 2000-kN capacity 

hydraulic jack [3]. Two HSS 141 x 95 links [4] transfer the load from the hydraulic jack 

level to the top of the concrete specimen. Two hinges [5] connect each link to the plate 

under the hydraulic jack and to the top of the column specimen, as shown in Figs. 3.2(a) 

and (b), respectively. Each of the two base plates, connecting the two vertical links to the 
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top of the column specimen, is secured in position by four-16 mm anchor bolts (Fig. 

3.2(b)) embedded in the concrete column during casting. 

An MTS hydraulic actuator [6], of 150 k N load capacity and 150 mm stroke, is used to 

apply imposed lateral displacement reversals. A load cell [7] of 250 kN capacity is used 

to measure the applied lateral load. The lateral loading system (the MTS actuator and the 

load cell) is connected to the top of the column specimen using end swivels to allow the 

application of the lateral load while the top end of the column specimen is free to rotate. 

Two 32-mm thick steel plates and four 16-mm all-threaded rods are used to transfer the 

lateral load to the top of the column, as shown in Fig. 3.2(b). Thin rubber sheets (1/16-in. 

thick) are used between the side steel plates and the column to distribute the applied load 

evenly over the whole contact area between the plates and the column. 

The column specimen is mounted over two rectangular H S S 1 5 2 x l 0 4 x 5 mm sections. 

The primary role of these steel sections is to provide enough clear space under the column 

base for anchorage of the four Dywidag bars [2] used to apply the axial load. The 

specimen is bolted to the laboratory strong floor by six 36-mm Dywidag bars [8] (three 

on each side of the column). The Dywidag bars are inserted through sleeves in the 

concrete base, the pre-drilled holes in the steel sections, and the built-in holes in the 

laboratory floor. Two lateral braces [9], one on each side of the test frame, ensure the 

lateral stability of the test frame, and increase its lateral stiffness. The bases of the lateral 

braces and the columns of the test frame are also anchored to the laboratory floor using 

38-mm all-threaded rods. 

At large lateral displacements at top of the column specimen, the initially vertical link, 

transferring the axial force to the column becomes inclined. The horizontal component of 

the force in the member causes the plates above and below the hydraulic jack to move 

horizontally; this movement is restrained by horizontal bracings, as illustrated in Fig. 

3.2(a). The horizontal bracings consist of two side brackets [10] and four links [11]. Each 
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bracket is held in place by welding it to a 38-mm thick steel plate, which is connected to a 

similar plate on top of the frame girder by four 25-mm all-threaded rods. The four 

horizontal links—composed of a hollow circular steel section connected to 51-mm all-

threaded rods—are used to transfer the horizontal force to the frame column. 

As the top of the column specimen translates horizontally, the vertical distance between 

the top of the column and the plate below the jack is reduced. To maintain a constant 

force exerted by the jack throughout the test, an oil pressure control system is employed. 

In addition, 1/32-in. teflon sheets are glued to the sides of the plates to reduce any 

possible friction as a result of any vertical movement of the plates relative to the side 

brackets. Figure 3.3 shows a top view section of the test setup at the links level. The 

lateral loading system and its connection to the column are not shown for clarity. 
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Fig. 3.3 Top view of test setup 
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3.3 TEST SPECIMENS 

Each specimen consisted of a 250 x 500 x 1500 mm column built integrally with a 1200 

x 1200 x 500 mm strong over-designed base. The column specimen represents part of a 

column in a ground-story building between the point of contraflexure and the foundation 

level. The load capacity and maximum stroke of the MTS actuator dictated the use of 

such column dimensions. The rectangular section was chosen so that the column section 

be wide enough in one direction to allow the use of supplementary cross ties and short 

enough in the other direction to limit the flexural stiffness of the column section about its 

minor axis. 

Table 3.1 and Fig. 3.4 give details of the test specimens. The core size measured from 

outside of the peripheral tie was kept constant at 220 x 470 mm for all specimens. The 

specimens' designations have the following significance: "ST" refers to a column with 

conventional cross ties; "SD" refers to a column with double-head studs, followed by the 

specimen serial number in the test program. In Table 3.1, p s is the volumetric ratio of 

lateral reinforcement with respect to the core area of column (measured center-to-center 

of the peripheral hoop); pg is the ratio of the longitudinal reinforcement area to the gross 

area of the column section; fyl and fyh are the measured yield strengths of longitudinal 

and lateral steel, respectively; and P0 is the nominal axial capacity of the column given 

by Eq. (2.12). 

The conventional cross ties, with 90° and 135° hooks at the ends, satisfy the requirements 

of ACI 318-02 for seismic design (bar extensions beyond bends: 6 times the bar diameter 

but not less than 75 mm for the 135° hook). According to the code requirements, the 

transverse reinforcement was extended at least 300 mm into the base. 
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Table 3.1 Details of test specimens 

No. Specimen 
fc 

(MPa) 

Longitudinal reinf. Lateral reinforcement Axial 

load 

(P/Po) 
No. Specimen 

fc 

(MPa) 
Size and 

number 
fyi 

(MPa) 
Pg 

(%) 

Size and 

spacing 
fyh 

(MPa) 
P* 

(%) 
Configuration 

Axial 

load 

(P/Po) 

1 SD-1 27.8 8 No. 15 477 1.28 6.35 @ 60 527 0.93 B 0.20 

2 SD-1R* 27.1 8 No. 15 477 1.28 6.35 @ 60 527 0.93 B 0.20 

3 SD-2 24.7 8 No. 15 477 1.28 6.35 @ 100 527 0.56 B 0.30 

4 SD-3 25.5 8 No. 15 477 1.28 6.35 @ 80 527 0.70 B 0.20 

5 SD-4 25.5 8 No. 15 477 1.28 6.35 @ 130 527 0.43 B 0.20 

6 SD-5 25.5 8 No. 15 477 1.28 9.53 @ 130 510 0.97 B 0.20 

7 SD-6 26.9 4 No. 20+ 
2 No. 15 477 1.28 6.35+9.53 

@ 130 
527 «fe 
510 0.46 C 0.20 

8 ST-1 26.5 8 No. 15 477 1.28 6.35 @ 60 527 0.93 A 0.20 

9 ST-2 26.0 8 No. 15 477 1.28 6.35 @ 100 527 0.56 A 0.30 

* SD-1R is a duplicate of SD-1 
**fyh is 527 MPa for the peripheral hoop (6.35 mm) and 510 MPa for the double-head stud 

(9.53 mm) 

1 • 
o 

. 1 « 
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Fig. 3.4 Cross sections of test specimens 
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Fig. 3.5 Reinforcement details of a typical test specimen 

3.4 PROPERTIES OF MATERIALS 

3.4.1 Concrete 

The target concrete strength for all test specimens was 25 MPa. The concrete mix 

proportions by weight per cubic meter of concrete are listed in Table 3.2. The maximum 

size of coarse aggregates was 14 mm. Ordinary Portland Cement (Type 10) was used for 

the concrete mix. The concrete mix design was the same for both the column and the base 

parts of the test specimen. The concrete strengths f'c listed in Table 3.1 were obtained by 

averaging the strengths of at least three 4 x 8 in. (102 x 203 mm) cylinders on the testing 

date (or one day after). The progression of concrete strength with time was monitored 

regularly to ensure that the concrete strength would be as close as possible to the target 

strength on the testing date. 
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Table 3.2 Concrete mix proportions 

Component Weight (kg / m3) Weight ratio (per cement weight) 

Coarse aggregates 950 3.52 

Fine aggregates 995 3.69 

Cement 270 1.0 

Water 184 0.68 

3.4.2 Steel 

Typical stress-strain curves for No. 15 bars (16 mm) and No. 20 bars (19.5 mm) used for 

the longitudinal steel and for the 1/4 in. (6.35 mm) and the 3/8 in. (9.53 mm) deformed 

bars used for the transverse reinforcement are shown in Figs. 3.6 through 3.9, 

respectively. The stress-strain curve for the 1/4 in. (6.35 mm) bars lacked a well-defined 

yield point; thus, the 0.2% strain offset was used to determine the yield strength. 

The double-head studs have been specially produced and donated by Decon Corp., 

Brampton, Ontario using the 6.35 mm and 9.53 mm bars from the same stock as the 

stirrups and the conventional cross ties; thus, in the graphs for the 6.35 mm and the 9.53 

mm bars in Figs. 3.8 and 3.9 represent the stress-strain relationship for both the hoops and 

the studs. The studs have been produced by welding circular plates of approximately three 

times the diameter of the stem, as depicted in Fig. 3.10. 

Table 3.3 lists the properties of the steel bars as an average of three coupon tensile tests, 

where ey and ay = tensile yield strain and stress, respectively; Es = elasticity modulus; 

ssh = strain at onset of strain hardening; and eu and ou = ultimate tensile strain and 

stress, respectively. 
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Table 3.3 Properties of steel bars used in test specimens 

Bar size 
zy °y 

(MPa) 

Es 

(GPa) (MPa) 

6.35 mm bars N/A 527 211 N/A 0.017 561 

9.53 mm bars 0.0032 510 198 0.0072 0.10 786 

No. 15 bars 0.0024 477 201 0.0075 0.12 714 

No. 20 bars 0.0030 476 196 0.0111 0.13 721 

Fig. 3.6 Typical stress-strain curve of No. 15 bars 



O 0.05 0.1 0.15 

Strain 

Fig. 3.7 Typical stress-strain curve of No. 20 bars 

Fig. 3.8 Typical stress-strain curve of 6.35 mm bars 
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The Dywidag bars used in applying the axial force on the test specimen were also 

calibrated in a tensile test, to establish a force-strain relationship to be used during the test 

to determine the force in each bar. A linear force-strain relationship has proved to be 

adequate. 

3.5 PREPARATION OF TEST SPECIMENS 

3.5.1 Concrete Formwork 

Two separate formworks were fabricated for the column and base parts of the test 

specimens. The formworks were made of 3/4-in. (19 mm) plywood. The column 

formwork was stiffened at the corners by aluminum angles and closely spaced bolts to 

help reduce lateral distortion of the formwork. Holes of 3/8 in. were drilled in the two 

short sides of the formwork at predetermined locations to feed the threaded bars needed to 

mount the displacement transducers (see Section 3.6). The base formwork was 

strengthened at the bottom with 3/4-in. wood planks in two orthogonal directions. The 

base was further stiffened in the lateral direction by two straps that were tied around the 

outer perimeter of the formwork. Two 5/8-in. all-threaded rods running through the top 

edge of the formwork in two orthogonal directions and tied properly with nuts and 

washers (Fig. 3.11) were used to prevent any bulging of the sides due to the lateral 

pressure of fresh concrete. Ten PVC tubes (four for the bars used to apply the axial load 

and six for the anchoring bars) of 51 mm diameter and exact height of the column base 

(500 mm) were used as sleeves to encase the Dywidag bars. Cylindrical wood pieces of 

25 mm height and a diameter slightly less than that of the PVC tubes were fastened to the 

base floor at the locations of the PVC tubes to hold them in position during casting. After 

placement of the base bottom and top reinforcement mats, the PVC tubes were further 

tied to the nearest reinforcement bars in two orthogonal directions to adjust their vertical 

alignment. 
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Fig. 3.11 Base formwork and reinforcement cage 

3.5.2 Reinforcement Cages 

The longitudinal bars (No. 15 and No. 20) used in the column and the No. 20 and No. 25 

bars used in the base (see Fig. 3.5) were provided by a local supplier after cutting and 

bending them according to specified dimensions. The cross ties and the peripheral hoops 

were prepared at the Structures laboratory. Before assembling the reinforcement cages, 

strain gauges were installed at their specified locations on both the transverse and 

longitudinal reinforcement, and their wires were labeled for future interpretation of test 

data. Plastic chairs of 14-mm thickness were attached at three different locations along 

the height of column cage at the four sides of the cage to maintain a constant cover 

thickness. The bottom mat of the base reinforcement was prepared first, then the column 

cage was lifted and positioned at the center of the base. Steel chairs specifically built at 
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the laboratory were used to assist in placing and tying the upper mat of the base 

reinforcement. Plastic chairs of 19-mm thickness were also provided at the sides and 

bottom of the base formwork. The vertically of the column cage was then checked in two 

orthogonal directions and tying wires were used to connect the column cage to the base 

top reinforcement to help maintain accurate alignment of the column cage during casting. 

Figure 3.11 shows a photograph of a typical completed reinforcement cage before casting. 

Arrangement of double-head studs as cross ties and top view of the column cage are 

shown in Figs. 3.12 and 3.13, respectively. 
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Fig. 3.13 Top view of a column cage 

3.5.3 Concrete Casting and Curing 

The concrete mix was prepared in the concrete plant of the Structures laboratory. The 

casting of each specimen was performed in two consecutive days: in the first day, the 

base was cast and then the column in the following day. An electric vibrator was used to 

consolidate the concrete. The top surface of the base was first floated with a metal hand 

float, then trawled with a steel trowel. The roughness of the base-column interface was 

achieved by leaving this area without finishing. In the following day, the column 

formwork was assembled and its verticality was checked using a water level. Two 

bundles of strain gauges wires were passed through previously drilled holes in the column 

formwork for later connecting them to the data acquisition system. Steel weights were 

placed on the horizontal leg of the steel angles that were attached to the bottom of the 

column formwork to help stabilizing it during casting. 

Eight all-threaded bars were inserted on each side of the column through the previously 

drilled holes and were secured in position using 1-1/2 in. wood pieces and nuts. These 

bars were used to hold metal devices, on which the displacement transducers were 

mounted (see Fig. 3.15). It was decided to use two sets of threaded bars rather than a 



102 

single threaded bar that passes through the entire width of the column. This is for ease of 

installation, especially through closely spaced cages and to avoid any contribution of the 

threaded bars to the confinement of the column specimen. Modeling clay was used to 

completely fill any gaps in the drilled holes of the column formwork (around the threaded 

bars and bundles of strain gauges) in order to prevent any water leakage during casting of 

concrete. 

The column was cast vertically using a concrete bucket that was lifted from an overhead 

crane. An electric vibrator was used frequently to consolidate the concrete. When the 

level of poured concrete in the column approached the top surface, a wooden palette with 

eight holes (for the eight anchoring bolts) was nailed to the top of the column formwork. 

The palette had a rectangular opening at the middle to permit casting of the remaining 

part of the column. Ten 102 x 203 mm cylinders for each of the specimen base and 

column were cast from the same concrete batch and covered with wet plastic sheets. 

After one day, the formwork and the cylinder molds were removed, and the specimen and 

the cylinders were covered with wet burlap and plastic sheets. The cylinders were kept in 

the same place of the test specimen to maintain the same curing conditions. The burlap 

was wetted frequently for a period of a week. In some cases, the curing period was either 

stopped prematurely or extended for more than a week, depending on the strength results 

of the concrete cylinders in order to achieve a strength as close as possible to the target 

concrete strength. After completion of the curing period, a thin layer of plaster of Paris 

was applied on top of the column specimen to achieve a horizontally level surface. 

3.6 INSTRUMENTATION 

3.6.1 Lateral Ties and Longitudinal Steel Strains 

Instrumentation in each specimen included measuring concrete and steel strains at various 

locations as well as deflections along the column height. The first two sets of ties above 

the column-base interface were instrumented with strain gauges. To affix a strain gauge, 
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the ribs of the reinforcement bar were first ground off mechanically at the designated 

location to produce a smooth surface and then the strain gauge was installed in position 

and wrapped with electric tape to protect it against moisture of fresh concrete. 

A total of 24 strain gauges were used for specimens of configurations (A) and (B), and 20 

gauges for Configuration (C). Figure 3.14 shows the locations and numbers of the strain 

gauges for the three configurations of transverse reinforcement. A l l of the longitudinal 

bars were instrumented just above the column-base interface. In addition, two of these 

bars were instrumented 150 mm above and below the interface to record any possible 

yield penetration inside the base. 

The strain gauges were connected to a data acquisition system. The strain in each 

reinforcement bar was obtained by multiplying the variation in the electric voltage by a 

gauge factor, which was provided by the strain gauge supplier. To avoid any bending 

effects on the strain readings of the peripheral hoop and the longitudinal bars, the strain 

gauges were placed as close as possible to the bar neutral axis about which bending 

deformation was expected to take place. 
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Fig. 3.14 Locations and numbers of strain gauges on transverse reinforcement 
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3.6.2 Axial and Lateral Load Measurements 

Each of the four Dywidag bars used to apply the vertical force was instrumented with a 

pair of diametrically opposite strain gauges to give the tension in the bar, eliminating any 

bending effects by averaging the readings of the strain gauges. A load cell of 250 kN 

capacity was used to measure the applied lateral load by the MTS actuator. The voltage 

readings from the hydraulic jack and the load cell were then converted into load units 

through appropriate conversion factors. 

3.6.3 Concrete Core Strains and Lateral Displacements 

Longitudinal concrete strains inside the core were measured by Linear Strain Conversion 

transducers (LSC) on the shorter sides of the column over gauge lengths that ranged from 

50 to 100 mm and covered a length of 350 mm from the column-base interface, as 

illustrated in Fig. 3.15(a). The LSCs were mounted on 9-mm all-threaded rods that were 

passed through holes of slightly larger diameter in the column formwork before casting. 

Figure 3.15(b) shows a photograph of the arrangement of LSCs. 

Lateral deflections at five different locations along the column height (Fig. 3.16) were 

measured using four LSCs and one strain potentiometer at the actuator level. The four 

LSCs were used to be able to trace the actual deflected shape of the column during 

testing, and the strain potentiometer was used to measure the actual lateral displacement 

at the column top by excluding any effect of the supporting frame flexibility. The 

transverse transducers were attached to a light steel column that was bolted directly to the 

laboratory floor. Readings of LSCs were recorded on a personal computer through the 

data scan modules in voltage readings. These voltage readings were then converted into 

millimeters through appropriate conversion factors. Figure 3.17 shows a photograph of a 

test specimen showing the transverse LSCs. 
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Fig. 3.16 Locations of transverse LSCs 
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Fig. 3.17 Photograph of test specimen showing the transverse LSCs 

It was noticed that the threads of the Dywidag bars were too coarse to hold the test 

specimen perfectly in position without any slight movement. Hence, it was decided to 

utilize a pair of dial gauges at the bottom of the base (spaced ~ 600 mm apart) to record 

any possible tilting of the specimen (rigid body rotation). As well, a dial gauge was 

attached to the side of the base to measure any possible lateral movement of the 

specimen. Figure 3.18 shows the arrangement of the dial gauges at bottom of the 

specimen base. 
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Fig. 3.18 Arrangement of dial gauges at bottom of specimen base 

3.7 TESTING 

3.7.1 Specimen Installation 

A 10-ton overhead crane was used to move the specimen to the testing area. The 

installation and alignment of each test specimen was performed in the following 

sequence: 

1. The specimen was lowered down from the crane and moved on carts so that the holes 

of the rectangular HSS, the sleeves of the specimen and the floor holes were all 

aligned together. 

2. The lower base plate assemblies were settled in place and secured in position with the 

aid of the anchorage bolts that were previously embedded during casting of the 

column and protruded from the top of the specimen. 

3. The alignment of the vertical links and the test specimen was checked. In most cases, 

little adjustment was necessary. 
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4. The anchoring Dywidag bars were inserted through the aligned holes and tightened 

firmly. 

5. The four Dywidag bars used to apply the axial force were lowered in position through 

their designated holes and the nuts and washers at the bottom of the base were put in 

place. 

6. The side plates were attached to the specimen by means of four threaded rods and the 

horizontal leveling of the MTS actuator was checked. 

7. The specimen was then whitewashed to help observe and mark the cracks during 

testing. 

3.7.2 Loading Procedure 

As mentioned previously, all specimens were tested under constant axial load and 

incremental reversed lateral displacements. The axial load was applied first at its 

predetermined level, while monitoring the readings of the strain gauges on the Dywidag 

bars to ensure a concentric force. Then, the incremental lateral displacement reversals 

were applied following the specified displacement history shown in Fig. 3.19. The 

displacement history was applied as multiples of (A^ ) , where (A^ ) is the calculated 

"yield displacement." One cycle was applied at 0.75 (A^ ) , then two cycles at (A^ ) , 

after this, three cycles were applied at each displacement level up to 8 ~ 10 times (A^ ) . 

The limited stroke capacity of the MTS actuator did not permit the test to go beyond this 

displacement range. The yield displacement was determined analytically using the finite 

element analysis program ABAQUS (Hibbitt et al. 2000). The concrete column was 

modeled using one-dimensional beam elements. The actual unconfined concrete and 

longitudinal steel properties were used. The geometric nonlinearity (large displacements) 

was adopted in the analysis to include the P-Delta effect. The load-deflection graph 

obtained by this analysis had no pronounced yield point. The so-called yield displacement 

was defined according to Fig. 3.20 as the lateral deflection at top of column 

corresponding to QU, assuming a hypothetical straight-line variation of load versus 
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displacement. The straight line joins the origin and a point on the calculated nonlinear 

graph at 0.75 Qu, where Qu is the maximum lateral load. The concrete material model 

available in ABAQUS was adopted and the longitudinal reinforcement was modeled using 

the embedded bar option. No confinement effect was taken into consideration. 

A /(AJcaic 

Loading cycles 

Fig. 3.19 Specified displacement history 



110 

Lateral load, Q 

Lateral 

(Alcaic A„ displacement, A 

Fig. 3.20 Definition of calculated yield displacement 

3.8 SUMMARY 

In this chapter, the details of the experimental setup have been given. Sketches and 

photographs of the various parts of the testing frame, loading mechanism, and 

instrumentation have been shown. The dimensions, reinforcement details, and material 

properties of the test specimens have been presented. A detailed description of the 

methods used to measure concrete and steel strains in the potential plastic hinge region of 

the column and the deflections at different locations along the column height have been 

given. Finally, the chapter describes the testing method consisting of the application of a 

constant axial load, while imposing incremental lateral displacement reversals about the 

weak axis of the column. The results of the experimental program will be presented in the 

next chapter. 
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CHAPTER 4 

SEISMIC BEHAVIOR OF CONCRETE 

COLUMNS CONFINED WITH 

DOUBLE-HEAD STUDS 

4.1 INTRODUCTION 

The experimental behavior of nine reinforced concrete columns under simulated seismic 

loading is presented in this chapter. The columns' dimensions are 250 x 500 x 1500 mm 

with a 1200 x 1200 x 500 mm strong over-designed base. The columns are laterally 

loaded at their top free edge to bend about their weak axis. The design strength of the 

concrete was 25 MPa. The specimens were tested under two axial load levels combined 

with incrementally increasing lateral displacement reversals. Two types of transverse 

reinforcement are used: double-head studs and conventional 90° cross ties. Test variables 

include axial load level, spacing and volumetric ratio of lateral steel, and distribution of 

longitudinal bars around the core perimeter and the resulting configuration of lateral steel. 

Material properties, instrumentation, and testing procedure were reported in the previous 

chapter. 

The experimental results are presented in the form of lateral load-lateral displacement and 

moment-curvature hysteresis loops. Also, hysteretic variation of strains in transverse 

reinforcement is given. The curvature distribution in the potential plastic hinge region in 

columns at various lateral displacement levels is also plotted. The energy dissipation and 

ductility capacities of test specimens are compared. Special emphasis will be given to 

compare the behavior of columns with double-head studs to their counterparts with 

conventional cross ties. A detailed parametric study of columns laterally confined with 

double-head studs will be presented in Chapter 5. 
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4.2 LATERAL LOAD-DISPLACEMENT RELATIONSHIPS 

4.2.1 Effective lateral load 

As was previously illustrated in Fig 3.1, the axial load is transferred to the column 

specimen via two links. As the top of the column moves laterally, the initially vertical 

links become inclined. That induces an additional horizontal component of the axial load 

that increases with the increase of the lateral movement of the column top. This is not the 

case in concrete buildings subjected to earthquake loading, where the direction of the 

applied axial force on column does not change with increasing lateral drifts. Therefore, 

and to be consistent with experimental results reported by other investigators, it was 

decided to present lateral load in the test results in terms of an "effective" lateral load Qe 

(Fig. 4.1): 

Qe=(M-PA)/l (4.1) 

where 

M = Ql + FD (4.2) 

P = Fcos0 (4.3) 

where F is the force in the hydraulic jack; 0, A and D are defined in Fig. 4.1. The readings 

of the lateral displacement transducers (Tl and T2) divided by the vertical distance /, 

between them are used to determine the angle 0: 

Y = - V ^ (4.4) 
M 

Ax=A + yl2 (4.5) 

0 = 7 1 (4.6) 

The approximation resulting from the fact that the deflection profile of the column 

segment between transducers T l and T2 is nonlinear is believed to be acceptable. 

Furthermore, at large inelastic displacements, a plastic hinge region forms near the 

column base and the part of the column above the hinge region can be assumed rigid 
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without appreciable error. This was verified from the columns' deflected shapes observed 

from the test results. 

Although the actuator had its own displacement transducer, the lateral displacement Á in 

all figures was taken as recorded by the displacement transducer T l (to exclude any 

flexibility effects of the test frame). The difference between the two transducers did not 

exceed a few millimeters. Moreover, the readings of the dial gauge which recorded any 

lateral movement of the column base (Section 3.6.3) were subtracted from the lateral 

displacement A. The dial gauge readings were taken at frequent intervals during the tests 

and interpolated at other points in the test. The ratio A / / , known as the drift ratio, was 

used as a measure of the column's lateral drift capacity in subsequent sections of this 

chapter. 

Transducer (T2) 

Transducer (Tl) 

/3 

Fig. 4.1 Calculation of the effective lateral load, Qe 
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Figures 4.2 and 4.3 show the hysteretic variation of the lateral load as recorded by the 

actuator Q and the effective lateral load Qe, respectively, versus the lateral displacement 

A at the actuator level for Specimen SD-1. Comparing the two figures shows how much 

the horizontal component of the inclined link affects the actuator lateral force. It can be 

seen from Fig. 4.2 that Q approaches zero by the end of the test. Thus, using the actuator 

lateral load Q as a measure of the column lateral resistance would greatly underestimate 

the calculated ductility of the column specimens. 

4.2.2 Lateral Load-Lateral Displacement Hysteresis Loops 

Figures 4.3 to 4.11 show the hysteretic variation of the effective lateral load, Qe, versus 

the column tip displacement, A. Special events such as spalling of concrete cover, 

yielding of reinforcement in tension and compression, and buckling of longitudinal bars 

are marked on the graphs. The effect of the additional moment caused by the axial load, 

known as the P-A effect, is also shown on the graphs. The vertical distance between the 

horizontal and the sloping dashed lines, at any given A, gives the lateral load which 

produces a moment equivalent to that caused by the P-A effect at that point. Therefore, a 

strength gain occurs when the Qe -A curve, in absolute terms, lies above the sloping P-A 

line, and vice versa. 

It should be mentioned that the maximum lateral displacement A attained in both 

directions was limited by the available stroke of the MTS actuator. It is generally agreed 

among researchers (e.g., Bayrak and Sheikh 1998; Paultre et al. 2001) that the major 

events that indicate the failure of a column specimen are: sudden drop in the axial load, 

marginal decrease in the flexural resistance of the column, or rupture of longitudinal bars. 

Since none of the specimens tested in this program experienced any of these events, it is 

believed that the specimens could have reached higher lateral displacements before 

failure. 
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Specimens SD-2 and ST-2 were tested under an axial load level of 0.3Po, where P0 is 

the concentric nominal capacity of the column. The remaining specimens in the 

experimental program were tested under an axial load level of 0.2Po. The axial load level 

of 0.3Po corresponds approximately to the balanced load in the load-moment interaction 

curve of the column cross section used in all tests. 

j i i i i i i i i i i i i i i i i i i i i i i i i i i i i i i i i t i i i i i i 

-100 -80 -60 -40 -20 0 20 40 60 80 100 

Lateral Displacement, A (mm) 

Fig. 4.2 Actuator lateral load-lateral displacement hysteresis loops for Specimen SD-1 
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Fig. 4.3 Lateral load-lateral displacement hysteresis loops for Specimen SD-1 
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Fig. 4.4 Lateral load-lateral displacement hysteresis loops for Specimen SD-1R 
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Fig. 4.5 Lateral load-lateral displacement hysteresis loops for Specimen SD-2 
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Fig. 4.6 Lateral load-lateral displacement hysteresis loops for Specimen SD-3 
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Fig. 4.7 Lateral load-lateral displacement hysteresis loops for Specimen SD-4 
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Fig. 4.8 Lateral load-lateral displacement hysteresis loops for Specimen SD-5 
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Fig. 4.9 Lateral load-lateral displacement hysteresis loops for Specimen SD-6 
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Fig. 4.10 Lateral load-lateral displacement hysteresis loops for Specimen ST-1 
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Fig. 4.11 Lateral load-lateral displacement hysteresis loops for Specimen ST-2 

A l l specimens showed similar linear behavior up to about 70% of their strength. The 

maximum lateral load for all specimens ranged from 95 to 107 kN and occurred at lateral 

displacements values close to 4(Ay)c¡¡ic. Definition of [ày) is given in Section 3.7.2. 

As mentioned in Chapter 3, three cycles were applied at each displacement level. A l l 

specimens showed stable behavior up to the end of test; i.e., no sudden drop in the lateral 

load was observed at repeated cycles of the same displacement level. 

The apparent differences in Fig. 4.10 between the behavior of Specimen ST-1 in the 

positive and negative zones of the displacement A is attributed to misalignment of the 

steel cage during the casting of concrete in the columns. This has resulted in unequal 

concrete covers and higher degradation of strength at one column face than the other face. 
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Specimens SD-1 and ST-1 contain approximately the minimum amount of lateral 

reinforcement required by building codes (ACI 318-02; CSA-A23.3-94) with a spacing of 

60 mm, which is slightly less than the maximum allowed spacing of 1/4 of the minimum 

column dimension. Comparison of Figs. 4.3 and 4.10 for Specimens SD-1 and ST-1 

shows that both specimens have attained almost the same maximum lateral load (average 

of positive and negative absolute values): 96 kN for ST-1 and 95 kN for SD-1. 

Figures 4.4 and 4.11 show the lateral load behavior for Specimens SD-2 and ST-2. Both 

specimens contain 40% less lateral steel than required by the ACI Code and are tested at 

higher axial load level of 0.3.Po. Both specimens have achieved the same maximum lateral 

load of 104 kN (average of both directions). Again, the rate of strength decay for 

Specimen ST-2 is slightly higher than that of Specimen SD-2. Though both specimens 

contained lateral steel 40% less than the minimum allowed by the ACI Code, it is clear 

that the behavior does not show lack of ductility. These observations confirm the 

conclusions made by researchers (e.g., Sheikh and Khoury 1993) that the seismic lateral 

steel requirements in both the ACI and the Canadian Codes are overly conservative for 

normal strength concrete columns under low levels of axial load. Compared to these two 

codes, the New Zealand Standards (NZS 3101:1995) requires less lateral steel for axial 

load under 0.3Po and demands more lateral steel for higher axial load level. 

4.3 TEST OBSERVATIONS 

4.3.1 Progression of Cracks 

Flexural cracks were marked when the displacement at the top of the column reached 

(a_j,J for specimens tested under axial load level of 0.2Po. The cracks started to appear 

near the column base and propagated along the column's height at subsequent loading 

cycles. The cracks for Specimens SD-2 and ST-2 were marked at 2 ^ ) ^ . The flexural 

cracks traversed the width of the specimens with a spacing that ranged from 150 to 200 

mm. No new flexural cracks developed after a displacement level of approximately 
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5 (A y j c a i c . Subsequently, the cracks began to deepen and spalling of concrete cover 

started to take place. Figure 4.12 shows the progression of damage in Specimen SD-3 at 

different levels of lateral displacement. Also, inclined shear cracks on the shorter sides of 

the columns became visible at 4(A > ,) and propagated towards the centerline with 

increased inclination at later stages of the test. Figure 4.13 shows the shear cracks on the 

shorter side of Specimen SD-3 at two levels of lateral displacement. 

(c) at 8 (A y ) (d) at end of test 

Fig. 4.12 Progression of damage in Specimen SD-3 
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(a) at 4 (A y ) (b) at end of test 

Fig. 4.13 Shear cracks in Specimen SD-3 

4.3.2 Spalling of Concrete Cover 

Spalling of the concrete cover for concrete columns is an inevitable phenomenon when 

columns are subjected to large inelastic deformations. This is because that portion of 

concrete column outside the core area is not confined by lateral steel and hence becomes 

susceptible to crushing under high compressive strains, a behavior similar to that of plain 

concrete. In the column specimens tested in this program, spalling of concrete cover 

occurred gradually, a typical observation for NSC columns unlike HSC columns, which 

suffer the early and abrupt spalling of concrete cover. 

The spalling of concrete cover started at about 4(A_,,) nearly for all specimens when 

small pieces of cover fell off at the very bottom of the column. At higher levels of 

displacement, concrete spalling spread along the column width and propagated upwards. 

The spalling of concrete cover at the corners was always more severe and occurred earlier 

than at the columns sides. Near the end of the test, large pieces of concrete cover spalled 

off between the cracks, which traversed the column sides. The maximum concrete 

compressive strains at which the cover started to spall off ranged from 0.005 to 0.006, 
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which is slightly higher than the average spalling strain noticed for columns under 

concentric loading (Sheikh and Uzumeri 1980; Moehle and Cavanagh 1985). 

4.3.3 Length of Damaged Zones 

Table 4.1 lists the lengths of damaged zones (average of both sides) for column 

specimens. The length of the damaged zone is essentially determined as the area over 

which concrete spalling has occurred. Figure 4.14 shows photographs of the damaged 

regions of column specimens at the end of the test. The height of the spalled concrete 

regions for specimens SD-2 and ST-2 (with P/P0 = 0.30) were 260 and 320 mm, 

respectively. Whereas, for the rest of specimens, the height of the spalled concrete region 

ranged from 140 to 180 mm. This observation confirms the validity of the 

recommendation of Watson and Park (1994) that the length over which confinement 

reinforcement should be provided at column ends should be dependent on its axial load 

level. On the other hand, it is shown from Table 4.1 that the length of the spalled concrete 

zone is independent of the quantity, configuration, or spacing of transverse reinforcement. 

Table 4.1 Length of damaged zones 

Specimen Length of damaged zone (mm) 

SD-1 165 

SD-1R 160 

SD-2 320 

SD-3 165 

SD-4 150 

SD-5 140 

SD-6 180 

ST-1 170 

ST-2 260 



Specimen SD-2 Specimen SD-3 



Specimen SD-4 Specimen SD-5 

Specimens SD-6 Specimen ST-1 
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Specimen ST-2 

Fig. 4.14 Photographs of damaged zones in column specimens after testing 

4.3.4 Buckling of Longitudinal Bars 

In none of the column specimens tested in this experimental program, buckling of 

longitudinal bars was noticed except in Specimen SD-2, which was tested under an axial 

load level of 0.3Po . As shown in Fig. 4.15, buckling of bars occurred over a length equal 

approximately to twice the tie spacing. It appears that, at lateral drift ratio of 

approximately 4.5%, the bars slipped laterally from the stud anchor heads and buckled 

prompting bulging out of the peripheral stirrups. Grira (1998) also reported that columns 

laterally confined with double-head studs showed instability of longitudinal bars at later 

stages of loading, beyond 4% drift ratio. 

The tie spacing to longitudinal bar diameter ratio s/db for columns SD-2 and ST-2 was 

6.27. In the other specimens in this experimental program the s/db ratio ranged from 3.76 

for Specimens SD-1 and ST-1 to 8.15 for Specimens SD-4 and SD-5. 
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Fig. 4.15 Buckling of longitudinal bars in Specimen SD-2 

It was recommended by Mander et al. (1988a) that an s/db ratio of 6 should be adopted 

as a design limit for columns to prevent premature buckling of longitudinal bars. Mau 

(1990) pointed out that there exists a critical s/db ratio above which the load-deflection 

curve of the steel could be unstable beyond the yield point. This critical ratio varies 

according to the grade and hardening behavior of the longitudinal steel used, and it is 

between 5 and 7 for Grade 400 steel, which is the grade used for longitudinal steel for all 

specimens in this experimental program. For high curvature ductility demands, Bayrak 

and Sheikh (2001) suggested that the ratio s/db should be kept below 6. The ACI 318-02 

Code also limits the tie spacing to not more than 6 times the diameter of the smallest 

longitudinal bar for columns in seismic regions. 

It appears from the previous discussion that the s/db ratio could be relaxed for columns 

under low levels of axial load (P/P0 < 0.2) since an s/db ratio of more than 8 has been 

reached in this experimental program without noticing any signs of longitudinal bar 

instability. Also, columns (SD-4 and SD-5) that had an s/db ratio of 8.15 but subjected to 

an axial load level of 0.2Po performed better (in terms of longitudinal bar stability) than 

column SD-2 that has a smaller s/db ratio of 6.27 but was subjected to a higher axial 
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load level. Hence, a design parameter should be developed to relate s/db and the axial 

load level. More tests are needed to in this regard to achieve such a design guideline. 

4.3.5 Strains in Lateral Steel 

Axial tensile strains in lateral steel in concrete columns are of particular importance in 

determining the degree of confinement pressure applied to the concrete core. As 

previously mentioned in Section 3.6.1 and illustrated in Fig. 3.14, the first two sets of ties 

above the column-base interface were instrumented with strain gauges. It is well 

established that the confinement pressure applied in the shorter direction of a rectangular 

concrete column is of paramount importance in determining the level and state of 

confinement pressure applied to the concrete core. Therefore, the discussion in this 

section will focus only on the strains in the cross in columns. The strain in the cross tie in 

the tie set closest to the column-base interface was chosen as a base of comparison for all 

specimens in this experimental program. In most cases, the strain gauge readings in cross 

ties located at the same level in a tie set were close to each other. No anchorage failure of 

the peripheral tie was observed in any of the tests. 

Figures 4.16 to 4.19 show hysteretic variation of the strains in cross ties with the total 

moment at the column base. In all these graphs, it can be noticed that the strains are well 

below the yield strain for cross ties. On the other hand, it can also be noticed that the 

maximum strains in cross ties in case of specimens SD-1 and ST-1 (Figs. 4.16 and 4.18) 

are less than their counterparts in Specimens SD-2 and ST-2 (Figs. 4.17 and 4.19). This is 

due to the fact that the higher axial load in case of Specimens SD-2 and ST-2 puts more 

pressure on confined concrete to expand laterally and hence results in higher strains in 

transverse reinforcement. Abo-Shadi et al. (2000) reported a similar observation in their 

cyclic loading tests on concrete walls subjected to low level of axial load (see Section 

2.4.2). In most confinement models of concrete (as previously discussed in Section 2.5), it 

is usually assumed that the strains in transverse reinforcement reach their yield strain at 

the point of column's peak load. As shown in Figs. 4.16 to 4.19, this assumption in case 
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of columns under low levels of axial load and cyclic flexure can overestimate the total 

confining pressure applied to the concrete core, and hence the overall column response. A 

more realistic value of strains in lateral ties should be adopted when the axial load level is 

low, as will be discussed in detail in Chapter 5. 

The variation of strains in cross ties with the drift ratio is shown in Figs. 4.20 to 4.23 for 

representative column specimens. In these graphs, strain gauges 14 and 15 (SGI4 and 

SGI 5) are the gauges on the tie set closest to the column base (a distance of s/2 from 

column-base interface); SG20 and SG21 are on the next tie set (a distance of 3s/2 from 

column-base interface). Apart from SG21 in Specimen SD-2, which is believed to have 

some technical defects, the strains in the cross ties tend to increase with the increase in 

drift ratio. In Specimen SD-1 (Fig. 4.20), the strains in the tie set closest to the column-

base interface (SG14 and SG15) are less than those in the next tie set (SG20 and SG21). 

This is because of the confinement from the adjacent base, which restrained the free 

lateral expansion of the column section near the base. 
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Fig. 4.16 Hysteretic variation of tie strain (SG14) for Specimen SD-1 
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Fig. 4.17 Hysteretic variation of tie strain (SG14) for Specimen SD-2 
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Fig. 4.18 Hysteretic variation of tie strain (SGI 4) for Specimen ST-1 
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Fig. 4.19 Hysteretic variation of tie strain (SG14) for Specimen ST-2 
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Fig. 4.20 Variation of tie strains with drift ratio for Specimen SD-1 
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Fig. 4.22 Variation of tie strains with drift ratio for Specimen ST-1 
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Fig. 4.23 Variation of tie strains with drift ratio for Specimen ST-2 

4.3.6 Maximum Compressive Strains 

The maximum compressive strains at the edge of the concrete core at various drift ratios 

for column specimens are shown in Fig. 4.24. The maximum core strains were obtained 

from the readings of a pair of LSCs installed on the shorter side of the column in the 

lowest 50 mm near the column base and extrapolated to the outside of the peripheral 

hoop, assuming linear strain distribution along the column section. It is apparent from the 

figure that relationship between the maximum concrete strain and the drift ratio is almost 

linear up to the end of the tests. The maximum concrete strain for column specimens 

ranged from 0.06 to 0.08, except for Specimens SD-2 and ST-2 which were tested under 

relatively higher level of axial load (0.3Po). The maximum concrete strain for these two 

specimens ranged from 0.03 to 0.04. This clearly illustrates the adverse effect of the axial 

load level on the deformability of concrete columns. 
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4.4 MOMENT-CURVATURE RELATIONSHIPS 

4.4.1 Moment-Curvature Hysteresis Loops 

Readings of a pair of LSCs installed on the shorter side of the column, giving the change 

in length in the vertical direction in the lowest 50-mm adjacent to the base are used to 

calculate the curvatures. It should be realized that the readings of these LSCs include the 

rotation component due to anchorage slip of longitudinal reinforcement. The anchorage 

slip occurs due to the extension of the embedded length of the column longitudinal bars in 

the adjoining base. The envelope of moment-curvature curves for specimens SD-1 and 

SD-2 (Figs. 4.25 and 4.26) does not exhibit any strength decay. On the other hand, the 

maximum moments attained in specimens ST-1 and ST-2 (Figs. 4.32 and 4.33) drop by 

about 10% by the end of test. The shapes of the moment-curvature graphs for Specimens 

ST-1 and ST-2 show some pinching of the hysteresis loops from the early stages of 

loading. The area enclosed by the loops in these two tests with conventional cross ties is 

significantly less than that for columns with double-head studs, as will be explained in 

detail in Section 4.5.2. 
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Fig. 4.25 Moment-curvature hysteresis loops for Specimen SD-1 
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4.4.2 Experimental versus Theoretical Moment Capacities 

Table 4.2 lists the maximum moment obtained for each specimen (average of 

absolute negative and positive values) and compares it to the theoretical moment MACl 

as calculated by the ACI Code. The moment of resistance M'ACl of the column section 

without the contribution of the concrete cover is also compared with the experimental 

value, Mj^x. Both M A C I and M'ACl are computed using the measured concrete and steel 

properties and the strength reduction factors of unity. The ratios M M A C I and 

Mmax/Af A C I are greater than unity because of the strain hardening in longitudinal steel 

and confinement by the lateral reinforcement. Also, the additional confinement from the 

base at the bottom of the column may have contributed to the moment capacity. This 

enhancement in moment capacity should be taken into consideration in seismic design of 

columns. This is because the column shear force, when a mechanism develops, will be 

proportional to the moment capacities at the column ends. An enhanced moment capacity 
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means a greater applied shear force than is considered in design, which could lead to 

brittle shear failure. In seismic design of concrete members, it is important to ensure that 

members fail in bending rather than in shear. 

Table 4.2 Comparisons between experimental and theoretical moments 

Specimen M m a x (kN.m) M m a x / M A C I M m a x / ^ Á c i 

SD-1 154 1.20 1.44 

SD-1R 158 1.23 1.48 

SD-2 185 1.30 1.60 

SD-3 163 1.27 1.52 

SD-4 158 1.23 1.48 

SD-5 160 1.25 1.49 

SD-6 161 1.25 1.50 

ST-1 152 1.18 1.42 

ST-2 176 1.24 1.63 

4.4.3 Curvature Distribution over the Zone near Critical Section 

Figures 4.34 to 4.36 show the distribution of curvature in the lowest 350-mm of the 

column adjacent to the base for Specimens SD-1, SD-4, and SD-5, respectively. Readings 

of pairs of LSCs installed on each of the shorter sides of the column were used to 

determine the curvature. The curvature plotted in these figures is the average of the 

curvatures obtained from both sides of column. The readings of each set of LSCs are 

considered representative of the curvature at mid-distance between them. The difference 

in curvature distribution for repeated cycles at the same drift level was almost negligible. 

Hence, the third cycle at each displacement level is used in plotting the graphs. Although 

these column specimens differ in the spacing of transverse reinforcement (SD-1 and SD-

5) and in the quantity of transverse reinforcement (SD-4 and SD-5), the curvature 

distribution pattern is almost identical for these specimens. 
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Fig. 4.34 Curvature distribution near the base for Specimen SD-1 
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Fig. 4.35 Curvature distribution near the base for Specimen SD-4 
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Fig. 4.36 Curvature distribution near the base for Specimen SD-5 

4.5 DUCTILITY AND ENERGY DISSIPATION 

4.5.1 Definition of Parameters 

Ductility parameters: The displacement ductility parameter p A is defined as A U / / A y , 

where A„ and Ay are the ultimate and yield displacements, respectively, as shown in Fig. 

4.37. Similarly, the curvature ductility parameter \i$ is defined as 4>u /4>̂  , where § u and § y 

are the ultimate and yield curvatures, respectively. As mentioned in Section 4.3.1, the 

maximum moment capacities for all column specimens did not drop by more than 10%. 

This means that the definition of § u (when moment drops to less than 80 percent of 

^max) does not apply for these tests. Therefore, it is decided to define § u as the 

curvature which corresponds to a drop of 20% in the lateral load capacity in the QE -

A graphs (Fig. 4.37). As mentioned in Section 4.3.1, the LSCs readings in the lowest 50 

mm, which are used to plot the moment-curvature curves, include the deformations due to 

some anchorage slip of longitudinal bars. That would greatly overestimate the value of § y 
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and consequently underestimate the values of . Hence, the theoretical moment-

curvature curves, discussed in detail in Chapter 5, are used to define § y to exclude 

deformations due to anchorage slip. 

i 

Ay Au displacement, A 

Fig. 4.37 Definition of displacement ductility parameter, u A 

Energy dissipation parameters: Ehsani and Wight (1990) proposed a dimensionless 

parameter called the "work damage indicator" co to represent the energy dissipated in 

beam-column subassemblies. Other researchers (Sheikh and Khoury 1993; Paultre et al. 

2001) adopted this parameter for analysis of their column tests. The parameter co is 

defined as 

1 

Qe max Ay i=l 
(4.7) 

where W¡ is the area enclosed by the ith cycle in the Qe -A graph in Fig. 4.38(a) . In Eq. 

(4.7), A, is the average of the absolute values of the maximum positive and negative 

displacements in the cycle; K¡ is average of the slopes of the two dashed lines in Fig. 

4.38(a); Qemax, Ay and Ky are defined in Fig. 4.37; and n is the number of cycles 

considered before Qe drops to less than 80 percent of QemiX. 
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(a) 
Lateral load, Qe 

area = W¡ 

Lateral 
,-+ displacement, A 

(b) 
Moment, M 

j Curvature, ((> 

area = Ut 

Fig. 4.38 Definition of energy measures: (a) typical cycle of load-displacement 

relationship; (b) typical cycle of moment-curvature relationship 

In the same context, an "energy damage indicator" Ç, defined by Eq. (4.8), is used to 

represent the energy absorbed in the column section subjected to maximum moment: 

i „ (l \ f „ \r , \ 2 

Kh j 
(4.8) 
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where U¡ is the area enclosed by the ith cycle in the Moment-Curvature graph (Fig. 

4.38(b)); Ij- is the depth of damaged region; and h is the shorter dimension of column 

section. The rest of the symbols in Eq. (4.8) are analogous to those in Eq. (4.7). 

For long-period structures, the displacement ductility u.A is directly related to the force 

reduction factor used in most building codes to calculate the base shear (ACI 318-02; 

CSA-A23.3-94). On the other hand, energy dissipation is particularly important for design 

of short-period structures where the response of the system is greatly influenced by its 

damping. Greater damping coefficients usually result in reduced response of the structure 

during an earthquake in terms of the maximum displacements attained. 

4.5.2 Ductility and Energy Values 

Table 4.3 gives the ductility and energy dissipation values for the column specimens 

tested in this experimental program. Both the values of © and U.A are greater for the 

specimens with double-head studs (SD-1 and SD-2) than their counterparts with 

conventional cross ties (ST-1 and ST-2). Higher value of © indicates greater capacity to 

dissipate energy with less damage (more retention of stiffness). On the other hand, there 

appears to be a trend for decreasing © and p.A values with the decrease of the amount of 

transverse reinforcement. For instance, Specimens SD-1, SD-3, and SD-4 contain 

transverse reinforcement ratios ps of 0.93, 0.7, and 0.43, respectively. The corresponding 

values of p.A for these specimens are 6.8, 6.2, and 5.9, respectively. 

Similar to the observation for the lateral load-displacement graphs the values of Ç and 

are greater for the specimens with double-head studs (SD-1 and SD-2) than for specimens 

with conventional cross ties (ST-1 and ST-2). Also, the Ç and p<¡, values appear to be 

directly proportional to the transverse reinforcement ratio. Again, Specimens SD-1, SD-3, 

and SD-4 developed curvature ductility factors of 24.7, 22.1, and 21.3, respectively. 
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Table 4.3 Ductility and energy dissipation values for column specimens 

Specimen llA Ç 

SD-1 6.8 24.7 545 20200 

SD-1R 5.7 26.1 340 19800 

SD-2 5.0 17.1 240 14900 

SD-3 6.2 22.1 390 13300 

SD-4 5.9 21.3 411 17000 

SD-5 6.6 28.0 413 17400 

SD-6 5.5 26.7 249 19900 

ST-1 5.1 17.1 302 13200 

ST-2 4.1 15.9 123 9900 

4.6 CONCLUSIONS 

Based on the experimental results reported in this chapter, the following conclusions can 

be drawn: 

1. Double-head studs can be used as cross ties in columns and walls. This conclusion is 

based on the experiments reported above in which the columns are subjected to 

moments combined with axial load of magnitude equal to 20 or 30 percent of the 

nominal axial load capacity, P0 of the column. The same conclusion is also reached 

from experiments on columns subjected to axial load only (Dilger and Ghali 1997). 

2. Columns with double-head studs exhibit superior behavior, in terms of ductility and 

energy dissipation, compared with those with conventional cross ties. The strength 

attained for columns with either type of reinforcement is approximately the same. 

3. The tie spacing to longitudinal bar diameter ratio, s/db , could be relaxed for columns 

under low levels of axial load (P/P0 < 0.2 ). 
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4. With axial load levels up to 30% of P0, columns with lateral reinforcement ratio 60% 

of the minimum permitted by the ACI and CSA Codes have exhibited ductile 

behavior. 

5. In seismic design of columns, the axial load level should be included as a design 

parameter in determimng the quantity and the length over which confinement 

reinforcement should be provided. 
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CHAPTER 5 

ANALYSIS OF EXPERIMENTAL RESULTS 

5.1 INTRODUCTION 

Further analysis of the experimental results reported in Chapter 4 is presented in this 

chapter. The effects of test variables on the behavior of column specimens under seismic 

loading are discussed. The test variables include the type of cross ties (double-head studs 

or conventional cross ties), axial load level, volumetric ratio and spacing of transverse 

reinforcement, and distribution of longitudinal bars over the perimeter of the core area 

and the configuration of the ties. The specimens are compared in terms of their strength, 

ductility and energy dissipation. The requirements for the amount and the detailing of 

confinement reinforcement in columns according to the seismic provisions of current 

building codes (ACI 318-02; CSA-A23.3-94; NZS 3101: 1995) as well as other design 

approaches suggested by researchers are evaluated using the experimental results. 

The analytical evaluation of the equivalent plastic hinge length, described in Chapter 2, is 

compared with empirical expressions proposed by different investigators. A simple 

computer program is developed to calculate the moment-curvature relationships for 

column cross sections up to large inelastic deformations. The program takes into account 

the effect of concrete confinement, spalling of concrete cover, and strain hardening of 

longitudinal steel. The resulting analytical moment-curvature curves are compared with 

envelope curves of the experimental hysteresis loops presented in Chapter 4. 

5.2 EFFECT OF TEST VARIABLES 

Effects of test variables are studied in this section based on the average envelope curve of 

both directions of the specimens' lateral load behavior. It is shown in Chapter 4 that the 

strengths of column specimens (as expressed by the maximum moment at the column 
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critical section) is not affected by the type nor the amount and detailing of transverse 

reinforcement. Therefore, the values of moment capacities of the column specimens are 

not included in the discussion in this section. 

Table 5.1 lists the area of transverse reinforcement Ash provided in each column relative 

to the minimum amounts specified by the ACI Code (ACI 318-02) and the New Zealand 

Standards (NZS 3101: 1995), Ash/Ash(ACY) and Ash/Ash(NZS), respectively. The 

requirements of the Canadian Standard (CSA-A23.3-94) are the same as those of the ACI 

Code, and hence are not listed in the table. The minimum area of transverse reinforcement 

specified by the New Zealand Standards Ash(^zs^ is governed by the requirements for 

vertical bar stability for specimens tested under an axial load level of 0.2Po. It is obvious 

that NZ3 3101: 1995 demands lesser amounts of confinement reinforcement compared to 

ACI 318-02. The displacement and curvature ductility parameters, p A and p^, as well as 

the work and energy damage indicators, co and Ç, are repeated here from Table 4.3 for 

convenience. 

Table 5.1 Lateral reinforcement ratios and ductility and energy measures for columns 

Specimen Ah/Ah(ACl) Ah/AhQiZS) Ps P/Po CO c 

SD-1 0.95 1.62 0.93 0.20 6.8 24.7 545 20200 

SD-1R 0.97 1.62 0.93 0.20 5.7 26.1 340 19800 

SD-2 0.64 1.37 0.56 0.30 5.0 17.1 240 14900 

SD-3 0.77 1.62 0.56 0.20 6.2 22.1 390 13300 

SD-4 0.48 1.62 0.43 0.20 5.9 21.3 411 17000 

SD-5 1.04 1.68 0.97 0.20 6.6 28.0 413 17400 

SD-6 0.47 1.62 0.46 0.20 5.5 26.7 249 19900 

ST-1 0.99 1.62 0.93 0.20 5.1 17.1 302 13200 

ST-2 0.61 1.30 0.56 0.30 4.1 15.9 123 9900 
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5.2.1 Type of Cross Ties 

Two sets of columns are tested to evaluate the effect of the type of cross ties (either 

double-head studs or conventional cross ties). In the first set, columns SD-1, SD-1R, and 

ST-1 contain approximately the minimum lateral steel amount allowed by ACI Code; the 

axial load level P/P0 = 0.2. Specimen SD-lRis a replicate of Specimen SD-1. Figure 5.1 

compares the envelope curves of the effective lateral load, Qe, versus the lateral tip 

displacement, A, for the three specimens. While the specimens achieved almost the same 

lateral strength, Specimens SD-1 and SD-1R exhibited better performance in terms of 

ductility and energy dissipation. The relative ductility of specimens can be assessed by 

comparing the slopes of the post-peak branches of their Qe - A graphs. 

0 10 20 30 40 50 60 70 80 

Lateral Displacement, A (mm) 

Fig. 5.1 Effect of type of cross ties: Specimens SD-1, SD-1R, and ST-1 

The displacement ductility parameter p A , for the specimens with studs, SD-1 and SD-1R, 

is respectively 33% and 12% higher than their respective values for Specimen ST-1 

(Table 5.1). Similarly, the same specimens have curvature ductility values, u^, that are 
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44% and 52%, respectively, higher than that for Specimen ST-1. Also, the work and 

energy damage indicators, co and Ç, are greater for Specimens SD-1 and SD-1R. It should 

be recognized that the section ductility parameters, p^ and Ç, are of more importance 

than the member ductility parameters, p A and co. This is because once yielding has taken 

place at the column potential plastic hinge region, the column deformability is mostly 

dependent on the plastic rotation that will take place at the column critical region (see Fig. 

2.10). 

0 10 20 30 40 50 60 70 80 

Latera l Displacement, A (mm) 

Fig. 5.2 Effect of type of cross ties: Specimens SD-2 and ST-2 

In the second set, Specimens SD-2 and ST-2 are tested under an axial load level 

P = 0.3Po and contained lateral steel ratios equal to 64% and 61% of the minimum 

amount allowed by the ACI Code, respectively. Figure 5.2 shows the envelope curve of 

their Qe-A graphs. The p A and p^ values for Specimen SD-2 are 5.0 and 17.1, 

respectively. Specimen ST-2 has p A and p^ values of 4.1 and 15.9, respectively. This 

represents 22% and 8% lower displacement and curvature ductilities of ST-2 compared to 
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SD-2. The co and Ç values for ST-2 are significantly less than their corresponding values 

for SD-2. 

5.2.2 Axial Load Level 

Previous research on the deformability of concrete columns has indicated that the column 

ductility decreases with the increase of axial load level. The effect of this parameter on 

the behavior of columns laterally reinforced with double-head studs is investigated by 

considering two specimens with different levels of axial load. Specimen SD-2 contained a 

volumetric ratio of lateral steel, p s , equal to 0.56% and is tested under an axial load level 

of P = 0.3jP o , which corresponds to the balanced point on the axial load-moment 

interaction curve of the column cross section under consideration. Specimen SD-4 has 

ps equal to 0.43% and was subjected to a lower level of axial load (P = 0.2P o). Since 

Specimen SD-2 was tested under a higher level of axial load, it developed a higher 

flexural capacity than Specimen SD-4. Therefore, for convenience, it is prudent to 

normalize the effective lateral load, Qe, of each specimen with respect to its maximum 

effective lateral load, ( ? e m a x . 

The normalized lateral load (Qe/Qemax) versus A is presented in Fig. 5.3. The figure 

clearly demonstrates the superior ductile behavior of Specimen SD-4 as opposed to 

Specimen SD-2, despite the fact that Specimen SD-4 contains 30% less lateral steel than 

Specimen SD-2. The ductility and energy dissipation values of Specimen SD-4 are higher 

than their corresponding values for Specimen SD-2. Also, the maximum core concrete 

compressive strain is greater for Specimen SD-4, as previously illustrated in Fig. 4.24. 

This clearly indicates the importance of including the axial load level as a design 

parameter for confinement reinforcement in columns under seismic loading. 
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O 10 20 30 40 50 60 70 80 

Lateral Displacement, A (mm) 

Fig. 5.3 Effect of axial load level 

5.2.3 Volumetric Ratio of Transverse Reinforcement 

Using higher amounts of transverse reinforcement usually translates into more 

confinement pressure applied to the concrete core. Hence, it is one of the most important 

factors that affect the behavior of columns under large inelastic deformations. In practical 

design of concrete structures, a higher amount of transverse reinforcement in a particular 

member is usually achieved through reducing the spacing of ties. But, in fact, that will 

increase both the amount and uniformity of confinement pressure. Strictly, to investigate 

the influence of volumetric ratio of transverse reinforcement, the spacing of ties should be 

kept constant and the diameter of ties should be varied as desired. In this section, two sets 

of specimens are studied. In the first set, the volumetric ratio is the only variable. In the 

second, both the volumetric ratio and spacing of ties are varied. 



^ 120 p 

0 10 20 30 40 50 60 70 80 

Lateral Displacement, A (mm) 

Fig. 5.4 Effect of volumetric ratio of transverse reinforcement 

^ 120 r 

0 10 20 30 40 50 60 70 80 

Lateral Displacement, A (mm) 

Fig. 5.5 Effect of volumetric ratio and spacing of transverse reinforcement 
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Specimens SD-4 and SD-5 have the same configuration of transverse reinforcement and 

spacing. The only difference is in the diameter of ties. Specimen SD-4 has 6.35-mm ties, 

while 9.53 mm ties are used for Specimen SD-5. This corresponds to volumetric ratios of 

0.43% and 0.97%, respectively, for Specimens SD-4 and SD-5. Figure 5.4 illustrates that 

Specimen SD-5 has a slightly better ductile performance than Specimen SD-4, despite the 

large difference in the quantity of transverse reinforcement. This shows that the seismic 

performance of columns subjected to low levels of axial load is not greatly affected by the 

quantity of transverse reinforcement. Specimen SD-4 contains only about 50% of the 

minimum amount of lateral reinforcement and displayed a satisfactory behavior when 

compared to other specimens conforming to the code minimum requirements. This 

indicates that the ACI Code is too conservative for columns under low levels of axial 

load, a conclusion similar to that drawn for columns laterally reinforced with 

conventional cross ties (Watson and Park 1994; Saatcioglu and Razvi 2002). 

Further investigation of the effect of transverse reinforcement content is studied by 

comparing the behavior of Specimens SD-1, SD-1R, SD-3, and SD-4. In this group, the 

transverse reinforcement content is varied by changing the tie spacing: 60 to 80 to 130 

mm, corresponding to volumetric ratios of 0.93, 0.93, 0.56, 0.43, respectively, for 

Specimens SD-1, SD-1R, SD-3, and SD-4. Figure 5.5 shows the effect of volumetric ratio 

on the behavior of the specimens. Again, decreasing the volumetric ratio has a slightly 

adverse effect on the ductility of specimens. 

5.2.4 Spacing of Transverse Reinforcement 

Close spacing of transverse reinforcement provides more uniform confinement pressure 

to the concrete core and hence enhances the ductility, as in the case of spiral columns. 

Specimens SD-1, SD-1R, and SD-5 are similar in every aspect except in the spacing and 

diameter of transverse reinforcement. The three specimens have 8 No. 15 longitudinal 

bars and contain approximately the minimum lateral reinforcement ratio allowed by the 

ACI Code. Specimens SD-1 and SD-1R are laterally reinforced by 6.35-mm ties at a 
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spacing of 60 mm; whereas Specimen SD-5 has 9.53 mm ties with a 130-mm spacing. 

The spacing in SD-5 is almost double the maximum spacing permitted by ACI Code 

(one-quarter the minimum member dimension). 

Figure 5.6 shows the envelope curve of the lateral load versus lateral displacement 

hysteresis loops of the specimens under consideration. Apart from the early cracking of 

Specimen SD-1, all specimens exhibited similar ductile behavior up to the end of test. 

The ductility and energy dissipation measures for these specimens are close, as illustrated 

in Table 5.1. In addition, no longitudinal bar instability was observed in Specimen SD-5 

despite the relatively wide spacing of its transverse reinforcement. These observations 

indicate that the maximum spacing limit stipulated by the ACI Code can be relaxed for 

columns under low levels of axial load (P/P0 = 0.2). 

0 10 20 30 40 50 60 70 80 

Lateral Displacement, A (mm) 

Fig. 5.6 Effect of spacing of transverse reinforcement 
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5.2.5 Configuration of Transverse Reinforcement 

It has been well established that the distribution of tied longitudinal bars around the 

concrete core perimeter enhances both the strength and ductility of columns (Sheikh and 

Uzumeri 1980; Scott et al. 1982). To investigate the influence of this parameter, two 

specimens with different transverse reinforcement configurations but otherwise similar 

properties are compared. Specimens SD-4 and SD-6 have longitudinal reinforcement ratio 

= 1.28%, and transverse reinforcement configurations shown in Fig. 3.4. The longitudinal 

reinforcement area (1600 mm2) in Specimen SD-6 is kept constant by using 4 No. 20 + 2 

No. 15 bars instead of 8 No. 15 bars in Specimen SD-4. The transverse reinforcement 

ratios in both specimens are about 50% of the minimum amount allowed by the ACI 

Code, with a spacing of 130 mm along the column axis. In Specimen SD-6, the spacing of 

transverse reinforcement across the width of the column is 235 mm which is more than 

the maximum 200-mm allowed by the CSA Standard. 

The effect of the transverse reinforcement configuration on the lateral load behavior of 

both specimens is shown in Fig. 5.7. It can be observed that while both specimens 

attained approximately the same maximum lateral load, Specimen SD-4 shows slightly 

better ductile behavior after reaching its peak load than Specimen SD-6. This observation 

is also reflected in the ductility and energy dissipation values listed in Table 5.1. 

Nevertheless, Specimen SD-6 has a displacement ductility of 5.5 and a curvature ductility 

of 26.1, which are considered acceptable values for satisfactory ductile behavior of a 

concrete column. 

The close lateral behavior displayed by Specimens SD-4 and SD-6 suggests that two 

double-head studs used as cross ties in a column section can be replaced by single stud of 

approximately the same area without significant decrease in the ductility of the column. 

This conclusion can have beneficial effects in the preparation and casting of columns 

through speeding-up the installation of double-head studs and reducing the congestion of 

the column cage. 
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Lateral Displacement, A (mm) 

Fig. 5.7 Effect of configuration of transverse reinforcement 

5.3 COMPARISONS WITH OTHER DESIGN GUIDELINES 

Many design equations have been proposed by different investigators to give the required 

transverse reinforcement area Ash to ensure satisfactory ductile behavior of columns 

under seismic loading. These equations are discussed in detail in Section 2.7. In this 

section, the proposed equations will be evaluated against the experimental results of this 

research program. A l l these equations give Ash in terms of the required or target level of 

ductility; i.e., the designer should decide, in advance, on the target level of ductility of the 

column under consideration (displacement ductility, curvature ductility, or drift capacity) 

before using these equations. Here, these equations are used with given Ash values and 

the ductility levels are considered to be the unknown parameters, and are compared to 

their corresponding values obtained from the experimental results. The equation of 

Watson et al. (1994) (Section 2.7.2) is not used since it is adopted in the of the New 

Zealand Standards (3101: 1995) discussed above (Section 5.2). Each of the proposed 

equations is repeated for convenience. 
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5.3.1 Paulay and Priestley (1992) 

Paulay and Priestley (1992) proposed the following equation for Ash : 

^=5^(0.15 + 0 . 0 1 ^ ) - ^ - 4 
fyh A 

0.08 (5.1) 

where Ac is the area of concrete core measured center-to-center of the peripheral tie; Pu 

is the design axial load of the column at ultimate limit state; h" is core dimension 

measured center-to-center of the peripheral hoop; and p̂ , is the curvature ductility of the 

column. 

Table 5.2 Curvature ductilities: measured values compared with calculated values 
according to Paulay and Priestley (1992) 

Specimen P/P0 M-(j) (measured) (calculated) M-(|> (calculated)/̂ -()) (measured) 

SD-1 0.93 0.20 24.7 41.2 1.67 

SD-1R 0.93 0.20 26.1 40.2 1.54 

SD-2 0.56 0.30 17.1 4.0 0.23 

SD-3 0.56 0.20 22.1 25.0 1.13 

SD-4 0.43 0.20 21.3 9.6 0.45 

SD-5 0.97 0.20 28.0 38.2 1.36 

SD-6 0.46 0.20 26.7 11.5 0.43 

ST-1 0.93 0.20 20.1 40.2 2.0 

ST-2 0.56 0.30 15.3 4.3 0.28 

Average 1.01 

Standard deviation 0.67 

A comparison between the measured curvature ductilities p^ ( m e a s u r e d ) and the calculated 

values P4, (calcuiated) using Eq. (5.1) is presented in Table 5.2. While the Paulay and 

Priestley equation gives an overall average of 1.01, it has a high standard deviation value 
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of 0.67. The equation predicts very low values of u.̂  for specimens SD-2 and ST-2, 

which are tested under relatively higher levels of axial loads. It appears that the equation 

overestimates the adverse effect of axial load level on the ductility of columns. 

5.3.2 Sheikh and Khoury (1997) 

Based on experimental results of 29 column specimens under axial load levels between 

0.40 P0 and 0.65 P0, Sheikh and Khoury (1997) proposed the following equation: 

15 

(5.2) Ash = « 1 + 13 
29 

where a is a parameter that accounts for the confinement efficiency; P is the axial load of 

the column; is the curvature ductility of the column; and Ashc is the amount of lateral 

steel as recommended by the ACI Code. 

Table 5.3 Curvature ductilities: measured values compared with calculated values 
according to Sheikh and Khoury (1997) 

Specimen P, P/Po (measured) (calculated) M'ij) (calculated)''M-<{> (measured) 

SD-1 0.93 0.20 24.7 17.8 0.72 

SD-1R 0.93 0.20 26.1 18.2 0.70 

SD-2 0.56 0.30 17.1 12.3 0.72 

SD-3 0.56 0.20 22.1 14.9 0.67 

SD-4 0.43 0.20 21.3 9.8 0.46 

SD-5 0.97 0.20 28.0 19.3 0.69 

SD-6 0.46 0.20 26.7 9.7 0.36 

ST-1 0.93 0.20 20.1 18.5 0.92 

ST-2 0.56 0.30 15.3 11.9 0.78 

Average 0.67 

Standard deviation 0.17 
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In applying Sheikh and Khoury equation, the parameter a is taken equal to unity. It can 

be seen from Table 5.3 that Sheikh and Khoury equation under-predicts the curvature 

ductility of the columns; the calculated-to-measured ratios of curvature ductility have an 

average value of 0.67. Therefore, it is always on the conservative side for design 

purposes. The same observation was reported by Abo-Shadi et al. (2001), when they 

compared their experimental results from seismic loading tests on concrete walls with 

axial load levels below 0.05 P0 with Eq. (5.2). The ratio between the calculated and 

measured curvature ductilities in their tests was 0.31. The writer believes that this is 

because Eq. (5.2) is based on experimental data of columns tested under relatively high 

levels of axial loads and extrapolated the best-fit curve to lesser levels of axial loads. It 

should be mentioned that the measured curvature values are overestimated due to the 

extension of longitudinal reinforcement in the adjoining base, which affected the readings 

of the displacements transducers used to calculate curvatures (see Section 4.4.1). 

5.3.3 Wehbe, Saiidi, and Sanders (1999) 

The equation proposed by Wehbe et al. (1999) has the following form: 

Ah =0.1p A l 

fc, n 

J ce 

f 
0A2Jce 

ye 

\ 

0.5 + 1.25-
fceA J 

+ 0.13 
( 

V fs,n 
0.01 shc (5.3) 

where p A = the target displacement ductility; fcn = specified concrete compressive 

strength; f'ce = expected concrete compressive strength; f = expected lateral steel yield 

stress; f = expected longitudinal steel yield stress; and fsn = specified longitudinal 

steel yield stress 

The comparison in Table 5.4 indicates that Wehbe et al. equation over-predicts the 

displacement ductility of the column specimens except Specimens SD-4 and SD-6 which 

contain low volumetric ratios of transverse reinforcement. The difference between the 

calculated and measured values appears to narrow down for Specimens SD-2 and ST-2, 

which are tested under higher levels of axial load. 



163 

Table 5.4 Displacement ductilities: measured values compared with calculated values 
according to Wehbe et al. (1999) 

Specimen P s P/Po M'A (measured) M A (calculated) M'A (calculated) ^ M A (measured) 

SD-1 0.93 0.20 6.8 9.0 1.32 

SD-1R 0.93 0.20 6.6 9.1 1.38 

SD-2 0.56 0.30 5.0 5.1 1.02 

SD-3 0.56 0.20 6.2 7.0 1.13 

SD-4 0.43 0.20 5.9 4.3 0.73 

SD-5 0.97 0.20 6.4 9.7 1.52 

SD-6 0.46 0.20 5.5 4.5 0.82 

ST-1 0.93 0.20 5.1 9.2 1.80 

ST-2 0.56 0.30 4.1 4.9 1.20 

Average 1.21 

Standard deviation 0.34 

5.3.4 Razvi and Saatcioglu (1999b) 

A design procedure was developed by Razvi and Saatcioglu (1999b) to relate the amount 

of confinement reinforcement in columns to the drift capacity 8. The drift capacity was 

defined as the horizontal displacement at column tip corresponding to 20% decay in its 

lateral force resistance divided by the column height. The equation proposed by 

Saatcioglu and Razvi (2002) (see Section 2.7.5) was not used since it was developed 

based on 20% decay in moment capacity. As mentioned in Section 4.5.1, the maximum 

moments attained by test specimens did not drop by 20% by the end of the test. The 

authors provided 5 in a tabulated form as a function of k2 (confinement efficiency 

parameter given by Eq. (2.70)), axial load level P/P0, column aspect ratio, and a design 

parameter r given by 
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A comparison between the measured drift capacities in column specimens and the 

calculated values is given in Table 5.5. The calculated drift capacities are always on the 

conservative side with an average of 0.72 and a standard deviation of 0.12. 

Table 5.5 Drift capacities: measured values compared with calculated values according to 
Razvi and Saatcioglu (1999b) 

Specimen Ps P/P0 

s 
(measured) " (calculated) ° (calculated) ' ° (measured) 

SD-1 0.93 0.20 0.055 0.042 0.76 

SD-1R 0.93 0.20 0.048 0.042 0.88 

SD-2 0.56 0.30 0.040 0.025 0.61 

SD-3 0.56 0.20 0.046 0.039 0.84 

SD-4 0.43 0.20 0.046 0.027 0.58 

SD-5 0.97 0.20 0.055 0.043 0.78 

SD-6 0.46 0.20 0.043 0.026 0.60 

ST-1 0.93 0.20 0.051 0.042 0.83 

ST-2 0.56 0.30 0.032 0.024 0.60 

Average 0.72 

Standard deviation 0.12 

5.4 EQUIVALENT PLASTIC HINGE LENGTH 

As previously discussed in Section 2.3.1.4, the equivalent plastic hinge length Lp is the 

length over which plastic curvature is assumed to be constant. This length is typically 1/3 

to 1/2 the length over which confinement reinforcement should be provided (Priestley and 

Park 1987), and is also needed to assess the relationship between displacement ductility 

and curvature ductility (see Eqs. (2.5) through (2.7)). 

Table 5.6 lists the experimentally obtained values of L . The displacement levels in this 

table are multiples of the calculated yield displacement, (Ay) c a l c , and do not correspond to 
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the actual displacement ductility of the specimens, which were calculated in accordance 

with Fig. 4.37. It was pointed out by Priestley and Park (1987) that at displacement 

ductility factors of 4 or higher, Lp values were relatively stable and showed no consistent 

tendency for change as the displacement ductility factor increased. It is observed in the 

present research program that Lp becomes relatively stable at displacement ductility of 6 

or higher. Hence, Lp is considered equal to the average values obtained at ductility level 

of 7 up to the end of test. The only exception is Specimen ST-2, whose testing was ended 

at ductility level of 7. For this specimen, Lp is obtained from the last two ductility levels: 

6 and 7. It should be mentioned that Eq. (2.7) is used to calculate Lp with the 

displacement ductility p A and the curvature ductility p^ determined as explained in 

Section 4.5. Further, at each displacement level Lp is the average of both the positive and 

negatives directions in the test. The last column in this table gives the ratio of Lp to the 

effective section depth, d. 

Table 5.6 Experimental equivalent plastic hinge length of specimens 

Specimen 
Displacement 

level 

Equivalent plastic hinge length (mm) 
Specimen 

Displacement 

level LP Average Lp/d 

SD-1 

7 Ay 130 

143 0.67 SD-1 
8 Ay 132 

143 0.67 SD-1 
9 Ay 153 

143 0.67 SD-1 

10 Ay 157 

143 0.67 

SD-1R 

7 Ay 100 

107 0.50 SD-1R 8 Ay 107 107 0.50 SD-1R 

9 Ay 114 

107 0.50 

SD-2 

7 Ay 151 

148 0.69 SD-2 8 Ay 149 148 0.69 SD-2 

9 Ay 144 

148 0.69 
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Table 5.6 (Cont.) 

Specimen 
Displacement 

level 
Equivalent plastic hinge length (mm) 

Specimen 
Displacement 

level LP Average Lp/d 

SD-3 

7 Ay 167 

170 0.79 SD-3 
8 Ay 168 

170 0.79 SD-3 
9 Ay 170 

170 0.79 SD-3 

10 Ay 174 

170 0.79 

SD-4 

7 Ay 155 

164 0.76 SD-4 
8 Ay 161 

164 0.76 SD-4 
9 Ay 168 

164 0.76 SD-4 

10 Ay 172 

164 0.76 

SD-5 
7 Ay 128 

129 0.60 SD-5 8 Ay 135 129 0.60 SD-5 

9 Ay 123 
129 0.60 

SD-6 

7 Ay 117 

125 0.58 SD-6 
8 Ay 122 

125 0.58 SD-6 
9 Ay 131 

125 0.58 SD-6 

10 Ay 130 

125 0.58 

ST-1 

7 Ay 103 

108 0.50 ST-1 
8 Ay 106 

108 0.50 ST-1 
9 Ay 110 

108 0.50 ST-1 

10 Ay 114 

108 0.50 

ST-2 
6 Ay 103 

108 0.50 ST-2 
7 Ay 112 

108 0.50 

A comparison between the Lp values obtained from experiments and from empirical 

expressions (see Section 2.3.2) is included in Table 5.7. The overall average of 

experimental values of Lp for all specimens is 0.62d. The experimental results in Table 

5.7 indicate no dependence of Lpon the level of axial load or the quantity of transverse 

reinforcement. As can be seen, all the empirical expressions overestimate Lp, with values 
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from Mattock (1967) and Dilger (1966) (with shear cracks) being the closest. To the 

author's best knowledge, all the empirical expressions were derived from experiments on 

specimens with total depths greater than 250 mm, with the depth being the largest section 

dimension. The difference in section size and depth/width ratio could have some effect on 

the empirical predictions being greater than the experimental predictions ofLp. 

Values of Lp obtained from experiments indicate a wide scatter. While Park et al. (1982) 

suggested a conservative estimate of Lp, based on their experimental results, equal to 0.4 

of the total section depth h; Sheikh et al. (1994) obtained an average value of Lp equal to 

h. On the other hand, Abo-Shadi et al. (2000) concluded from their seismic tests on 

bridge wall piers that Lp was approximately 0.67 of the effective depth of the wall 

section in the loading direction. 

Table 5.7 Experimental and empirical equivalent plastic hinge length of specimens 

Specimen 

Equivalent plastic hinge length 

Specimen Experimental 
Dilger 

(1966) 

Corley 

(1966) 

Mattock 

(1967) 

Priestley and 

Park (1987) 
Specimen 

LP Lp/d 
LP Lp/d 

LP Lp/d 
LP Lp/d 

LP Lp/d 

SD-1 143 0.67 189 0.88 200 0.93 175 0.81 204 0.95 

SD-1R 107 0.50 189 0.88 200 0.93 175 0.81 204 0.95 

SD-2 148 0.69 189 0.88 200 0.93 175 0.81 204 0.95 

SD-3 170 0.79 189 0.88 200 0.93 175 0.81 204 0.95 

SD-4 164 0.76 189 0.88 200 0.93 175 0.81 204 0.95 

SD-5 129 0.60 189 0.88 200 0.93 175 0.81 204 0.95 

SD-6 125 0.58 189 0.88 200 0.93 175 0.81 225 0.95 

ST-1 108 0.50 189 0.88 200 0.93 175 0.81 204 0.95 

ST-2 108 0.50 189 0.88 200 0.93 175 0.81 204 0.95 
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5.5 MOMENT-CURVATURE ANALYSES 

A simple computer program coded in FORTRAN is developed to determine moment-

curvature relations of any rectangular column section up to large inelastic deformations. 

The cross section is divided into a number of small layers. Each layer (except the 

furthermost layers outside the peripheral hoop) contains two types of concrete: confined 

concrete (core) and unconfined concrete (cover). The width of the confined concrete 

portion of each layer is assumed to be from centerline to centerline of the peripheral hoop. 

The moment-curvature for a column section can be determined by increasing the extreme 

fiber compression strain and satisfying the equilibrium conditions at each strain value (see 

details in Section 5.5.3). 

5.5.1 Material Models 

There is common consensus among researchers that the uniaxial stress-strain relationships 

for concrete and steel under monotonie loading approximately forms an envelope to their 

respective behavior under cyclic loading. Therefore, stress-strain curves for concrete and 

steel under uniaxial loading are adopted in the computer program. The following 

confinement concrete models are supported by the program to model the behavior of the 

concrete core under compression: Modified Kent and Park model (1982), Modified 

Sheikh and Uzumeri model (1992), Mander et al. model (1988a), and Modified 

Saatcioglu and Razvi model (1999). A detailed discussion of these models is presented in 

Section 2.5. These models are widely used among researchers because of their capability 

to fit a wide range of test data. The contribution of concrete in tension to the capacity of 

the section is not taken into account. 

The stress-strain relationship for plain concrete proposed by Carreira and Chu (1985) is 

adopted to represent the behavior of concrete cover. The concrete stress fc at any given 

strain e is given by: 
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A= P g / £ < (5 5) 

P = + 1.55 (5.6) 
.32.4, 

where f'c and e'c are the concrete compressive strength and corresponding strain, 

respectively. Based on the experimental observations (Section 4.3.2), the concrete cover 

spalling was gradual; it started to take place at strain values of 0.005 ~ 0.006 and was not 

completely lost until late stages in the tests. Therefore, it appears unnecessary to adopt a 

specific strain value at which the cover concrete is assumed to spall off and does not 

contribute any further to the overall capacity of the concrete section. Rather, the complete 

stress-strain curve for plain concrete was adopted in the analysis. The difference between 

the real behavior of concrete cover and the adopted approximation is believed to be 

minimal since plain concrete sustains very low stress levels at such high strain values. 

The stress-strain relationship of longitudinal bars in the hardening region follows the 

equation suggested by Mander et al. (1994). It was found that the suggested power law 

fits almost perfectly the tensile test results on the longitudinal bars used in the 

experimental program. Stress o at any given value of strain s in hardening region is given 

by 

< g „ (5.7) s u-e 

where <jy and c„ are the yield stress and ultimate stress, respectively; zsh and s„ are the 

strain at onset of hardening and ultimate strain, respectively ; and the power index p is 

defined by the initial slope of the hardening curve Eh and the two end points of the 

hardening branch: 

p = EhhiZ±ÉL (5.8) 
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The stress-strain curve for longitudinal bars in compression is assumed the same as the 

one used in tension since buckling of longitudinal bars was not observed in any of the 

specimens except SD-2 near the end of test (at drift ratios greater than 4.5%). 

5.5.2 Steps of Analysis 

The analysis procedure is performed in the following steps: 

1. Assume a value of the maximum compressive strain. An initial value of maximum 

concrete strain is taken equal to 0.0005. 

2. For a given maximum strain, assume a neutral axis depth. 

3. Calculate the strains at the middle of each layer and in longitudinal steel bars 

assuming linear strain distribution across the section; i.e., plane sections before 

deformation remain plane after deformation. Many investigators have observed that 

this assumption is valid until late stages in their cyclic loading tests. 

4. Using stress-strain curves for confined concrete, cover concrete and longitudinal steel 

bars, determine the corresponding stress values. 

5. Integrate the stress values to get the total axial force, and compare it to the applied 

axial load. 

b 

y 

Fig. 5.8 Moment-curvature analysis of concrete section 
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6. If the difference is less than a prescribed tolerance (2% of the applied axial load), 

results are assumed acceptable, and calculate the corresponding moment and 

curvature values; otherwise, adjust neutral axis depth and go to step 3. 

7. Assume a new value of maximum concrete strain (an increase of 0.0005 over the past 

strain value) and repeat steps 2-6. 

5.5.3 Comparison between Analytical and Experimental Results 

The theoretical maximum moments Mth obtained from the developed computer program 

using Modified Saatcioglu and Razvi model (S&R), Mander et al. model (MAN), 

Modified Sheikh and Uzumeri model (S&U), and Modified Kent and Park model (K&P) 

are listed in Table 5.8. The stress in transverse reinforcement is assumed to be 50% of the 

yield stress (see Section 4.3.5). A comparison between the theoretical moments and the 

experimental maximum moments as average of both directions are also included in 

the table. The equations, which describe the descending branch in both (S&U) and (K&P) 

models require the core dimension with no distinction for rectangular columns. In the 

implementation of these models into the developed program, the core dimension is taken 

as the average of the two sides of core. 

As a general observation from the table, all the theoretical moments Mth are less than the 

obtained experimental values . This can be due to the additional confinement from 

the column base near the section of maximum moment. Park et al. (1982) suggested that 

the critical section be taken at 0.5c from the column-base interface, where c is the depth 

of compression zone. This means with higher axial load, the critical section should be 

further away from the base because c is greater. The ratios M^/M^^ in Table 5.8 are 

smaller for Specimens SD-2 and ST-2, which are subjected to higher axial load. 

The theoretical moment based on S&R and M A N are slightly higher, and therefore closer 

to the experimental results, than those based on S&U and K&P. This could be due to the 
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fact that the equations of S&R and M A N were developed for either square or rectangular 

columns, whereas the equations of S&U and K&P were derived for square cross sections. 

Figures 5.9 through 5.17 compare the experimental and analytical moment-curvature 

relationships using the above mentioned confinement models for all specimens. The 

analytical curves are terminated at maximum values of curvature recorded during the 

experiments. A typical observation from these graphs is that the ascending branches of 

the analytical curves are stiffer than those of the experimental curves. This is because of 

the extension of the longitudinal bars of the column in the base. The integration of the bar 

strains inside the column base (Alsiwat and Saatcioglu 1992; Wehbe et al. 1999) gives an 

upward displacement at the bar location at the column-base interface. This displacement 

in turn affects the readings of the lowest transverse displacement transducers (see Fig. 

3.15) that are used to calculate the curvature of the column section. 

Table 5.8 Experimental and theoretical flexural strengths of columns using several 
confinement models 

Exp. S&R M A N S&U K&P 

Specimen M m a x Mth Mth Mth Mth 

(kN.m) (kN.m) ^ m a x (kN.m) M m a x (kN.m) M m a x (kN.m) 

SD-1 154 143 0.93 145 0.94 134 0.87 135 0.88 

SD-1R 158 143 0.91 145 0.92 134 0.85 135 0.85 
SD-2 185 146 0.79 147 0.79 147 0.79 148 0.80 

SD-3 163 138 0.85 140 0.86 133 0.82 134 0.82 

SD-4 158 134 0.85 133 0.85 132 0.84 133 0.84 

SD-5 171 136 0.83 138 0.81 132 0.77 132 0.77 

SD-6 161 134 0.83 134 0.83 133 0.83 134 0.83 

ST-1 152 143 0.94 145 0.95 134 0.88 135 0.89 

ST-2 176 146 0.83 147 0.83 147 0.84 148 0.84 

Average 0.86 0.86 0.83 0.84 
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Fig. 5.9 Comparison between analytical and experimental results for Specimen SD-1 

200 r 
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Curvature ( x 10"6/mm) 

Fig. 5.10 Comparison between analytical and experimental results for Specimen SD-1R 
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Fig. 5.11 Comparison between analytical and experimental results for Specimen SD-2 
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Fig. 5.12 Comparison between analytical and experimental results for Specimen SD-3 
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Fig. 5.13 Comparison between analytical and experimental results for Specimen SD-4 
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Fig. 5.14 Comparison between analytical and experimental results for Specimen SD-5 
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Fig. 5.15 Comparison between analytical and experimental results for Specimen SD-6 
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Fig. 5.16 Comparison between analytical and experimental results for Specimen ST-1 
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Fig. 5.17 Comparison between analytical and experimental results for Specimen ST-2 

In case of S & U and K&P models, the moment capacity is reduced suddenly after 

attaining its peak value, but remains relatively unchanged afterwards. In most cases, 

M A N model followed by S&R model appear to predict the post-peak branch of the 

experimental results reasonably well compared with the other models. 

5.6 CONCLUSIONS 

The following conclusions can be made from the analysis of experimental results 

presented in this chapter: 

1. The seismic provisions for confinement reinforcement in columns according to the 

ACI 318-02 Code and the Canadian Standard CSA-A23.3-94 are overly conservative 

for columns subjected to low levels of axial load. Specimens, with P/P0 =0.2 and 

containing only 50% of the minimum amount required by the code, displayed 

satisfactory ductile performance under seismic loading. 
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2. For columns subjected to low levels of axial load, increasing the volumetric ratio of 

transverse reinforcement results in modest increase in the ductility. 

3. For columns under axial load level of P/P0 = 0.2 and containing approximately the 

minimum amount of transverse reinforcement allowed by the ACI Code, using a tie 

spacing of twice the maximum value permitted by the code does not appear to have 

adverse effect on the column's seismic performance. 

4. Using a larger number and smaller diameter of tied longitudinal bars around the core 

perimeter of column results in slightly better ductile behavior. Therefore, in a column 

cross section, two double-head studs can be replaced by a single stud of the same 

area, without significant decrease in the ductility. 

5. For design of confinement reinforcement in columns, the equations by Sheikh and 

Khoury (1997) and Razvi and Saatcioglu (1999b) appear to be always on the 

conservative side and give better correlation with the experimental values. 

6. The design equations developed by Paulay and Priestley (1992) and Wehbe et al. 

(1999) tend to over-predict the ductility of columns except for Specimens SD-4 and 

SD-6, which contained low amounts of transverse reinforcement, and Specimen SD-2, 

which was tested under a higher level of axial load. 

7. The overall average of experimental values of the equivalent plastic hinge length Lp 

for all specimens is 0.62(/. A l l the empirical expressions overestimate Lp, with 

values from Mattock (1967) and Dilger (1965) being the closest to experimental 

results. 

8. The theoretical moments obtained from S&R and M A N models are slightly higher 

and therefore closer to the experimental results, than those obtained from S&U and 

K&P models. In most cases, M A N model followed by S&R model appear to predict 

the post-peak branch of the experimental results reasonably well compared with the 

other models. 
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CHAPTER 6 

FINITE ELEMENT ANALYSIS 

6.1 INTRODUCTION 

The finite element method has proved to be an efficient numerical tool to study the 

complex behavior of various concrete elements and subassemblies to a fairly high degree 

of accuracy. A successful finite element model, that predicts the key features of the 

behavior of its corresponding actual model, can replace testing of numerous concrete 

specimens and hence substantial savings in time and cost. Moreover, finite element 

analysis offers more insight into the problem at hand, such as the distribution of strains 

and stresses at a particular section as well as the potential locations and orientation of 

cracks. Therefore, it is often attempted by researchers to verify their experimental results 

by finite element analysis, and once done to a reasonable degree of accuracy, the range of 

variables investigated in the experiments can be expanded to include more parameters. 

In this chapter, the finite element (FE) analysis is attempted to simulate the experimental 

results of the present research reported in Chapter 4 as well as axial load tests reported by 

different investigators (Sheikh and Uzumeri 1980; Meohle and Cavanagh 1985; Dilger 

and Ghali 1997). The finite element package ABAQUS (Hibbit et al. 2000) together with 

its concrete model is adopted for this study. 

6.2 ABAQUS CONCRETE MODEL 

The concrete model available in ABAQUS provides a general capability for modeling 

concrete structures of all types. It is designed for applications in which the concrete is 

subjected to essentially monotonie straining at confining pressures less than four to five 

times the uniaxial concrete strength. Therefore, it is suitable to investigate confinement in 

concrete columns since the lateral pressure exerted by the transverse reinforcement is 



180 

passive and always less than the applied axial pressure. The model consists of an 

isotropically hardening yield surface that is active when the stress is dominantly 

compressive and an independent "crack detection surface" that determines i f a point fails 

by cracking. The key features of the model will be outlined briefly in the following. 

Detailed description of the model, along with the constitutive stress-strain relationships 

can be found in ABAQUS User's Manual (Hibbit et al. 2000). 

6.2.1 Smeared Cracking 

Smeared cracking is adopted in which individual cracks are not tracked by the concrete 

model. Constitutive relations are applied at each integration point independently and the 

presence of cracks enters into these calculations by the way in which the cracks affect the 

stress and the material stiffness associated with the integration point. 

Cracking is assumed to occur when the stress reaches a failure surface called the "crack 

detection surface" as shown in Fig. 6.1. When a crack has been detected, its orientation is 

crack detection surface 

biaxial 
tension 

biaxial compression 

Fig. 6.1 Yield and failure surfaces in plane stress 
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stored for subsequent calculations. Subsequent cracking at the same point is restricted to 

being orthogonal to this direction. 

6.2.2 Tension Stiffening 

The concrete model allows the user to define the strain-softening behavior for cracked 

concrete. This option allows for the effects of the reinforcement interaction with concrete 

and the concrete between cracks since the effects associated with the rebar/concrete 

interface, such as bond slip and dowel action, are not considered explicitly in the model. 

The descending branch of the stress-strain graph is composed of linear segments; the 

ultimate strain corresponding to zero stress is equal to several times s" (Fig. 6.2). 

Stress, CJ 

Fig. 6.2 Tension stiffening model 

6.2.3 Compressive Behavior 

When the principle stress components are dominantly compressive, the response of the 

concrete is modeled by an elastic-plastic theory using a simple form of yield surface 

written in terms of the equivalent stress,/?, and the von Mises equivalent deviatoric stress, 

q. This surface is illustrated in Fig. 6.3, in which a" is the ultimate uniaxial compressive 

stress of concrete, and p and q are defined by: 
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p = -jlx (6.1) 

q = fiJ2~ (6.2) 

where Ix is the first stress invariant and J2 is the second deviatoric stress invariant. /, 

and J2 are determined from the principle stresses 0,,03,073 by the following equations: 

A =-(^1+0-2+^3) (6-3) 

Ji ={(CTi -o- 2 ) 2 + (o 2 -03)2 +(cr3 -a,)*}/6 (6.4) 

Associated flow and isotropic hardening rules are assumed. In addition, the stress-strain 

behavior of plain concrete in uniaxial compression outside the elastic range has to be 

provided as a tabular function of stress versus plastic strain. 

6.2.4 Failure Surface 

Four values can be input to define the failure surface of concrete. These values are: 
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1. The ratio of the ultimate biaxial compressive stress to the ultimate uniaxial 

compressive stress. 

2. The absolute value of the ratio of the ultimate uniaxial tensile stress to the ultimate 

uniaxial compressive stress. 

3. The ratio of the magnitude of a principal component of plastic strain, at ultimate 

stress in biaxial compression, to the plastic strain, at ultimate stress in uniaxial 

compression. 

4. The ratio of tensile principal stress at cracking, in plane stress, when the other 

principle stress is at the ultimate compressive value, to the tensile cracking stress 

under uniaxial tension. 

In case the user does not supply these values, the program will invoke the default values 

of the above ratios. 

6.2.5 Reinforcement in Concrete Elements 

In ABAQUS reinforcement in concrete structures are provided by means of rebars. The 

stiffness of the rebars is superimposed to the concrete element stiffness at the integration 

points through the shape functions of its parent element. With this modeling approach, the 

concrete behavior is considered independently of the rebar. The user should input the 

reinforcement modulus of elasticity, Es, and the yield strength of the rebar, f . In case 

of steel reinforcement exhibiting strain hardening, the user should input the entire curve 

as a function of stresses versus plastic strains. 

6.3 FINITE ELEMENT RESULTS 

6.3.1 General 

The main assumptions used in the finite element model are summarized in this 

subsection. 
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1. 20-node brick elements with reduced integration are used to model the concrete 

elements, whereas the embedded rebar elements are used for both the longitudinal and 

transverse reinforcement. 

2. The concrete stress-strain equation proposed by Carreira and Chu (1985), described 

earlier in Section 5.5.1, is adopted to represent the uniaxial compressive behavior of 

concrete. 

3. When comparing the FE predictions with the experimental results, the uniaxial 

compressive concrete strength in FE analysis is assumed to be 85% of the reported 

cylinder strength. The entire range of the stress-strain curves of the longitudinal and 

transverse bars, as plotted in the original publication, is supplied to the input data of 

their respective embedded bar elements. 

4. The post-failure tensile stress-strain relationship is linear with a total strain equal to 

10 times the ultimate tensile strain s". In a few analyses, this value is increased to 20 

to avoid numerical problems that existed early in the solution. 

5. A displacement-based analysis is adopted to be able to trace the descending branch of 

the axial load-strain curve. A modified version of the Riks algorithm (Riks 1979) is 

adopted. The program's manual advises the use of this solution algorithm for 

problems that involve unstable post-peak behavior. 

6.3.2 Experimental Results of Sheikh and Uzumeri (1980) 

In their experimental program, Sheikh and Uzumeri (1980) tested 24 short tied columns 

under monotonie axial compression till failure. The columns were 12-in. square and 77-

in. high; the core size measured from the center of the peripheral hoop was kept constant 

at 10.5 x 10.5 in. for all specimens yielding a core area of 77% of the gross area of the 

columns (Fig. 6.4(a)). To insure that failure would occur in the instrumented region of the 

column, the spacing of ties outside the test region was reduced and the tapered ends of the 

columns were further confined with thick steel plates. Specimens 4B3-19 and 4B4-20 in 

the original testing program (for brevity, referred to as Specimens 19 and 20 hereinafter) 

are chosen to be analyzed. Figure 6.4(b) shows the cross section of both specimens. The 
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properties of both the specimens are listed in Table 6.1. The volumetric ratio of transverse 

reinforcement is 1.8% and 1.7% for Specimens 19 and 20, respectively. 
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Fig. 6.4 Concrete dimensions and reinforcement details of Specimens 19 
tested by Sheikh and Uzumeri (1980) 

Table 6.1 Properties of specimens by Sheikh and Uzumeri (1980) 

Specimen 
fc 

(ksi) 

Longitudinal reinf. Transverse reinforcement Failure load 

(kips) 
Specimen 

fc 

(ksi) As On2) fyl (ksi) Diameter (in.) Spacing (in.) 

Failure load 

(kips) 

4B3-19 4.85 5.28 56.8 5/16 4.0 920 

4B4-20 5.03 5.28 56.8 3/16 1.5 994 

The FE mesh in elevation and top view for both specimens is shown in Fig. 6.5. In this 

figure, the solid lines represent the boundaries of the concrete elements; the dashed lines 

represent the reinforcement. Along the height of the column, each layer of concrete 

elements contains at its mid-height one set of lateral ties. This is to avoid any numerical 

difficulties of modeling concrete elements without reinforcement. This required a fairly 
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refined mesh for Specimen 20, which has a tie spacing of 1.5 in. Due to symmetry in 

geometry and loading of the specimens, only one-quarter of the column cross section is 

modeled and similarly one-half in elevation, leading to a FE simulation of 1/8 of the 

original specimen. No attempt has been made to model the tapered ends of the specimens 

since they do not contribute to the overall behavior of the specimens and their sole 

function was to ensure that failure would occur in the test region. Since it is anticipated 

that the behavior of the concrete cover will be different from the column core, the 

concrete cover is modeled in separate layers of elements. 
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Fig. 6.5 Finite element mesh for Specimen 19 tested by Sheikh and Uzumeri (1980) 

Figures 6.6 and 6.7 show comparisons between the experimental and FE results for the 

column axial load versus the average column strain for Specimens 19 and 20, 

respectively. The experimental and FE curves are almost identical up to approximately 
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40% of the column maximum load. After this point, the FE predictions start to show 

stiffer behavior than the experimental results up the peak load. The maximum loads from 

the experimental and FE results compare very well. For Specimen 19, the peak load 

obtained from experiments and FE analysis is 920 and 967 kips, respectively; the 

experimental and analytical values for Specimen 20 are 994 and 1080 kips, respectively. 

In both specimens, the FE predicts a peak load 5% more than the experimental values. On 

the other hand, the post-peak behavior is poorly predicted by the analysis. As shown in 

Figs. 6.6 and 6.7, a sudden drop in the axial load-strain curve occurs shortly after 

attaining the peak load, which corresponds to an immediate drop in the stresses in 

concrete elements and yielding in the transverse reinforcement. 
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Fig. 6.6 Comparison between experimental and FE results for Specimen 19 
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Fig. 6.7 Comparison between experimental and FE results for Specimen 20 

6.3.3 Experimental Results of Moehle and Cavanagh (1985) 

Moehle and Cavanagh (1985) tested ten columns under monotonie axial compression. 

Each column was 36 in. high with a square 12-in. cross section. Eight specimens were 

reinforced, while the remaining two were made from plain concrete. Each reinforced 

specimen had heavily confined regions at both ends; the length of the central test region 

was 15 in. The longitudinal reinforcement was 8 No. 6 bars (0.75-in. diameter) in all 

specimens. Figure 6.8 shows transverse reinforcement details of the specimens. Two 

similar specimens were tested for each configuration. Clear cover was kept constant in all 

reinforced specimens at 0.75 in. Details of specimens and failure loads (average of two 

specimens) are listed in Table 6.2. 

In the finite element simulation of these specimens, no attempt has been made to 

distinguish between columns laterally confined with either 135° or 90° cross ties 

(Specimens B and C). An elevation and top view of the FE mesh used for specimen A is 

shown in Fig. 6.9. Again, due to symmetry only 1/8 of the specimen needs to be modeled. 
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Half the areas of longitudinal bars and cross ties located on the planes of symmetry were 

used in the FE model. 

Comparisons between the FE and experimental results are shown in Figs. 6.10 through 

6.12. The FE curves compare very well with the ascending branches of the load-

deflection curves. Solution diverges afterwards and it was not possible to obtain the post 

peak branch. The FE predictions of maximum loads for Specimens A, B & C, and D are 

936, 904, and 896 kips, respectively, an average of 95% of the experimental failure loads. 

Table 6.2 Properties of specimens by Moehle and Cavanagh (1985) 

Specimen 
fc 

(ksi) 

Longitudinal 

reinforcement 

Transverse 

reinforcement 

Volumetric ratio 

Ps 

Failure load 

(kips) 

A 6.5 8 No. 6 No. 2 @ 1.5 in. 0.021 990 

B 6.4 8 No. 6 No. 2 @ 1.5 in. 0.018 951 

C 6.4 8 No. 6 No. 2 @ 1.5 in. 0.018 956 

D 6.1 8 No. 6 No. 2 @ 1.5 in. 0.012 935 
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Fig. 6.8 Details Specimens A through D tested by Moehle and Cavanagh (1985) 
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Fig. 6.9 Finite element mesh for Specimens A tested by Moehle and Cavanagh (1985) 
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Fig. 6.10 Comparison between experimental and FE results for Specimen A 
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Fig. 6.11 Comparison between experimental and FE results for Specimens B and C 
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Fig. 6.12 Comparison between experimental and FE results for Specimen D 
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6.3.4 Experimental Results of Dilger and Ghali (1997) 

Five short concrete specimens having a cross section of 150 x 500 mm and a total height 

of 800-mm were tested by Dilger and Ghali (1997) under monotonie axial compression. 

Specimen 1 had no reinforcement and served as a reference to determine the in-place 

unconfined concrete strength. Specimens 2 and 3 were laterally confined with transverse 

reinforcement without longitudinal steel. Specimens 4 and 5 had both transverse and 

longitudinal reinforcement. The only difference in each set of specimens is in the type of 

cross ties: Specimens 2 and 4 contained conventional 90° cross ties, whereas double-head 

studs were used for Specimens 3 and 5. The peripheral hoop was kept constant for all 

specimens. Figure 6.13 shows cross sections of Specimens 2 through 5. The end zones of 

height 200-mm in each specimen were heavily confined with No. 10 bars. Concrete 

strengths, reinforcement, and experimental failure loads for all specimens are given in 

Table 6.3. 

o ' 
v~>-

5.6 mm dia. 5.6 mm dia. 

1 —11 
500 mm 

c F 
500 mm 

Specimen 2 Specimen 3 

£ 
o in 

5.6 mm dia 5.6 mm dia. 

L=6 
500 mm 

5 No. 10 

5 No. 10 

£ 

o L 1*
4 

^—$ 
:t : 

500 mm 

5 No. 10 
5 No. 10 

Specimen 4 Specimen 5 

Fig. 6.13 Details of Specimens 2 through 5 tested by Dilger and Ghali (1997) 
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Table 6.3 Properties of specimens by Dilger and Ghali (1997) 

Specimen 
fc 

(MPa) 

Longitudinal 

reinforcement 

Transverse 

reinforcement 

Failure load 

(kN) 

1 20.1 - - 1582 

2 21.6 - 5.6 mm @ 175 mm 1840 

3 20.0 - 5.6 mm @ 175 mm 1767 

4 21.0 10 No. 10 5.6 mm @ 175 mm 1907 

5 20.5 10 No. 10 5.6 mm @ 175 mm 2098 

In the finite element simulation of these specimens, no attempt has been made to 

distinguish between columns laterally confined with either studs or conventional cross 

ties. An elevation and top view of the FE mesh used to analyze Specimens 4 or 5 is 

shown in Fig. 6.14. Again, due to symmetry only 1/8 of the specimen is modeled. 

Comparisons between the experimental and FE results for the column axial load versus 

the average column strain for Specimens 2 through 5 are shown in Figs. 6.15 and 6.16. In 

both cases, the finite element simulation has not been able to capture the post-peak 

response of the experimental curves. For Specimens 4 and 5, the FE analysis predicts a 

failure load of 2056 kN. This corresponds to 8% more and 2% less than the experimental 

values for Specimens 4 and 5, respectively. It is also evident from Fig. 6.16 that the slope 

of the FE solution is closer to the experimental curve of Specimen 5. This suggests that 

the present FE simulation of transverse reinforcement with embedded bars of perfect 

bond (no relative slip) with surrounding concrete could be more precise for modeling 

double-head studs than conventional cross ties. On the other hand, the FE solution for 

Specimens 2 and 3 diverges early at an axial load of 1360 kN (about 75% of the 

experimental values). This could be related to the fact that Specimens 2 and 3 do not 

include vertical reinforcement in their middle (test) region. Poorly or unreinforced FE 

models in their key regions may cause numerical difficulties in solution and therefore 

early divergence in the FE solution. 
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Fig. 6.16 Comparison between experimental and FE results for Specimens 4 and 5 

6.3.5 Experimental Results of Present Research 

Concrete dimensions and reinforcement details of the column specimens in the current 

research program were previously presented in Chapter 3. The finite element mesh for 

Specimen SD-1 is shown in Fig. 6.17. Due to symmetry in geometry, only one-half the 

specimen cross section needs to be modeled; appropriate support conditions have been 

introduced at the plane of symmetry. In reality, the column is built integrally with a 

strong over-designed concrete base, whose stiffness is much higher than that of the 

column. Therefore, in the FE model, the column is assumed to be fixed at its bottom. The 

effect of the additional confinement provided by the base on the FE results is believed to 

be minimal. To simulate the testing procedure in the analysis, the FE model is first 

subjected to uniform vertical pressure load at its top to represent the compressive axial 

load applied to the specimen. Then, incremental prescribed displacements are imposed at 

the nodes located at a height 1.35 m (the location of the lateral actuator) from the column-

base interface. 
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Fig. 6.17 Finite element mesh for Specimen SD-1 

Fig. 6.18 Comparison between experimental and FE results for Specimen SD-1 
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As shown in Fig. 6.18, the FE solution diverges early at a lateral displacement of 4.9 mm. 

A similar behavior was obtained in the FE simulation of Specimen SD-2. For both 

specimens, the FE model was able to follow the ascending branch of the experimental 

results up to nearly 50% of the peak moment. 

6.4 SUMMARY 

The finite element method is used to simulate the behavior of laterally confined concrete 

columns under large inelastic deformations. Experimental data available in the literature 

for concrete columns tested under concentric loading, as well as the envelope curves of 

the experimental results of the present research program of columns subjected to 

simulated-seismic loading are used to verify the FE model. The finite element model has 

been able to predict, in most cases, the maximum load of the experimental results of 

columns under monotonie loading. Divergence of the FE solution often occurs after 

attaining the peak point of the curve; therefore, it was not possible to predict the 

descending branch of the axial load-displacement curve. Regarding the experiments of the 

present research program, the FE solution has been able to predict the ascending branch 

of the moment-lateral displacement curve up to approximately 60% of the peak moment. 
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CHAPTER 7 

SUMMARY, CONCLUSIONS, AND 

RECOMMENDATIONS 

7.1 SUMMARY 

A literature review of the experimental and analytical research conducted on the 

confinement of concrete columns is presented in Chapter 2. Alternative approaches to 

transverse reinforcement in columns are discussed with their potential advantages over 

conventional cross ties. The most commonly used expressions adopted to evaluate the 

ductility and energy dissipation of a concrete column based on its hysteretic behavior are 

briefly presented. Empirical equations for the potential plastic hinge length of a column 

are also reviewed. The building codes' provisions for confining reinforcement in columns 

in seismic regions are outlined, along with proposed modifications suggested by other 

investigators. Numerical analyses to simulate the behavior of concrete columns under 

large inelastic deformations are also reviewed. 

Chapter 3 describes the test setup, instrumentation, and testing procedure used in the 

experimental program. The geometry, material properties, and reinforcement details of 

the test specimens are also given. Each specimen consists of a 250 x 500 x 1500 mm 

column built integrally with a 1200 x 1200 x 500 mm strong over-designed base. The 

column specimen represents part of a column in a ground-story building between the 

point of contraflexure and the foundation level. 

The experimental behavior of nine column specimens subjected to seismic loading are 

presented and discussed in Chapters 4 and 5. The test specimens are subjected to constant 

axial load and increasing lateral displacement reversals. The test variables include the 

type of cross ties (double-head studs or conventional cross ties), axial load level, 
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volumetrie ratio and spacing of transverse reinforcement, and distribution of longitudinal 

bars over the perimeter of the core area and the configuration of the ties. The 

effectiveness of both types of cross ties is compared in terms of strength and ductility. 

The requirements for confinement reinforcement in columns according to current building 

codes and other empirical equations are evaluated against the reported experimental 

results. 

Chapter 6 presents the finite element model used to simulate the behavior of laterally 

confined concrete columns. Experimental data available in the literature for concrete 

columns tested under concentric loading, as well as the envelope curves of the 

experimental results of the present research program are used to verify the finite element 

model. It has been able to predict satisfactorily the peak load of the experimental results; 

but it has not been possible, in most cases, to predict the descending branch of the load-

displacement graph. 

7.2 CONCLUSIONS 

Based on the experimental and analytical studies presented in this research, the following 

conclusions can be drawn: 

1. Double-head studs can be used as cross ties in columns and walls. This conclusion is 

based on the experiments reported above in which the columns are subjected to 

moments combined with axial load of magnitude equal to 20 or 30 percent of the 

nominal axial load capacity, P0 of the column. The same conclusion has also been 

reached from experiments on columns subjected to axial load only (Dilger and Ghali 

1997). 

2. Columns with double-head studs exhibit superior behavior, in terms of ductility and 

energy dissipation, compared with those with conventional cross ties. The strength 

attained for columns with either types of reinforcement is approximately the same. 

3. The tie spacing to longitudinal bar diameter ratio, s/db , could be relaxed for columns 

under low levels of axial load (P / Po<0.2). 
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4. In seismic design of columns, the axial load level should be included as a design 

parameter in determining the quantity and the length over which confinement 

reinforcement should be provided. 

5. The seismic provisions for confinement reinforcement in columns according to the 

ACI 318-02 Code and the Canadian Standards CSA-A23.3-94 are overly conservative 

for columns under low levels of axial load (P/P0 ^ 0.2). Specimens containing only 

50% of the minimum amount required by the code displayed satisfactory ductile 

performance under seismic loading. 

6. For columns subjected to low levels of axial load, increasing the volumetric ratio of 

transverse reinforcement results in modest increase in the ductility. 

7. For columns under axial load level of P/P0 = 0.2 and containing approximately the 

same minimum amount of transverse reinforcement allowed by the ACI Code, using a 

tie spacing of twice the maximum value permitted by the code does not appear to 

have adverse effect on the seismic performance. 

8. Using a larger number and smaller diameter of tied longitudinal bars around the core 

perimeter of column results in slightly better ductile behavior. Therefore, in a column 

cross section, two double-head studs can be replaced by a single stud of the same 

area, without significant decrease in the ductility. 

9. For design of confinement reinforcement in columns, the equations by Sheikh and 

Khoury (1997) and Razvi and Saatcioglu (1999b) appear to be always on the 

conservative side and give better correlation with the experimental values. 

10. The design equations developed by Paulay and Priestley (1992) and Wehbe et al. 

(1999) tend to over-predict the ductility of columns except for Specimens SD-4 and 

SD-6, which contained low amounts of transverse reinforcement, and Specimen SD-2, 

which was tested under a higher level of axial load. 

11. The overall average of experimental values of the equivalent plastic hinge length Lp 

for all specimens is 0.62 the effective depth d of the specimens. A l l the empirical 
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expressions overestimate Lp, with values from Mattock (1967) and Dilger (1965) 

being the closest to experimental results. 

12. The developed finite element model is able to predict successfully the ascending 

branch of experimental results up to the peak load. 

7.3 RECOMMENDATIONS FOR FUTURE RESEARCH 

1. The range of test variables investigated in this research program needs to be expanded 

to include higher levels of axial load, high-strength concrete, and high-yield-strength 

transverse reinforcement. 

2. This research program for columns under seismic loading has focused on the relative 

effectiveness of double-head studs and conventional cross ties with a 90° hook at one 

end and 135° hook at the other end. It would be of interest to compare the studs with 

cross ties with 135° hook at both ends, since it has been pointed out by some 

researchers that the later type performs better under seismic loading. 

3. Appropriate design rules for the use of double-head studs in columns under seismic 

loading need to be developed. The experimental results from this research program as 

well as from other programs supplemented by finite-element results can be used to 

achieve such a task. 

4. This research program has demonstrated that columns laterally confined with double-

head studs displayed superior ductile performance over those confined with 

conventional cross ties under seismic loading. It is well established that higher level 

of axial compression places greater demand on the behavior of confined concrete. 

Therefore, it is recommended that a comprehensive experimental program on concrete 

columns under monotonie axial loading be conducted. The experimental results from 

this program would clearly quantify the relative effectiveness of double-head studs 

over conventional cross ties. The test results by Dilger and Ghali (1997) can be used 

to supplement the test results from this experimental program. 
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5. Based on extensive research results on concrete columns under axial loading, a 

confinement model for concrete columns laterally confined with double-head studs 

can be developed. 

6. A 3-D finite element model that can capture the salient features of confinement in 

rectangular concrete columns subjected to large inelastic deformations is needed. 

Also, a powerful numerical technique for solving the descending part of the load-

displacement relationship is necessary to evaluate the available ductility of the 

column under investigation. 

7. It is believed that the finite-element modeling for double-head studs is not adequate. 

Further improvements in the modeling of the stud heads are needed. 
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