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Abstract

The behaviour of geomaterials define the strength and volumetric behavioural ten-
dencies of geotechnical structures in terms of their ability to carry load. The expres-
sion of these characteristics in a concise constitutive model is necessary to design
and implement structures by safe and economical means. Some previous constitutive
models of granular materials have attempted to define the interaction between stress
and strain without the consideration of inherent properties of the material such as
density and pressure dependencies. Other models incorporate pressure and density
effects but become complicated when used to describe more complicated behaviour
such as strain-softening. This thesis presents a recently developed model which
incorporates the influences of these variables into Rowe’s classical stress-dilatancy
relationship through the use of a ratio of current to critical void ratio. Initially, an
experimental program investigates the stress-dilatancy behaviour of a fine Ottawa
Sand under conventional triaxial testing at various confining pressures and densities.
The results of these are then used to calibrate a new stress-dilatancy relationship
through the definition of eleven material parameters, with the model results showing
good correlation to the measured responses. An additional laboratory analysis is
included which provides an observational study of the pressure and density effects
on the behaviour of Ottawa Sand subjected to low frequency, high amplitude cyclic
loading.
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Chapter 1

INTRODUCTION

1.1 Background

The behaviour of granular media is governed by a number of parameters including
stress path, initial void ratio, particle shape and confining stresses. One parameter
in particular, initial void ratio, plays a vital role in the dependency of volume change
with a variation in stress. The void ratio, e, is described as the ratio of volume of
voids to volume of solids.

A loose sample, one with a high initial void ratio, will contract with the applica-
tion of a deviatoric stress. In conventional triaxial compression tests, this is reflected
by an increase in stress ratio, a,/03;, where o, and o3 are the applied stresses in
the respective major and minor principal directions. A typical stress-strain curve
results in a reduction in the rate of stress increase with increasing strain up to a
point where a small increase in stress results in substantial strain. A dense granular
sample, one with a low initial void ratio, may contract initially with the application
of a deviatoric stress. However, the dense configuration of the particles and their
arrangement will inevitably cause the soil to expand and dilate due to a tendency
for the particles to slip against and override each other. The result is a sample with

a greater volume than initially measured.



The definition of dilatancy must be used with care. When describing a dilatant
material, it encompasses the entire plastic volumetric behaviour of that material.
Conversely, when used to describe volume changes, the term dilatancy pertains only
to the volumetric expansion of a granular media.

The stress-strain curve of a dense sand shows a peak strength followed by a
strain softening and a residual strength. Casagrande has found {1] that the residual
strength corresponds to a void ratio approximately equal to that of the final void
ratio of a loose sand. This specific void ratio is termed as the critical void ratio.

The confining pressure, 03, is another parameter which influences the behaviour
of a granular material during shearing. As the stresses surrounding an element of
soil increase, contractive tendencies cause loose soil to achieve greater densities. The
critical void ratio achieved by the soil is also influenced by confining pressures as
higher pressures are accompanied by lower critical void ratios.

The characterization of the dilatant behaviour of granular materials has been
discussed by many authors [2}, [3], [4], [5], [6]. Rowe’s theory [2] is generally accepted
as the most widely used stress-dilatancy relationship in soil mechanics. Developed
after close scrutiny of a packing of uniform rods and balls under plain strain or
conventional triaxial test conditions, it takes into account the direction in which the
particles slip and the volume changes during shear. These factors are coupled with
a principle of least work ratio to provide a reasonably accurate description of the
volumetric behaviour of a granular material.

The ease of describing volumetric changes with stress ratio makes Rowe’s expres-

sion attractive to the field of geotechnical engineering. The linear relationship is



expressed as R = KD with R is defined as the above mentioned stress ratio, o,/073,
D as the dilatancy factor, 1 —de?/de?, and K as a constant dependent on the friction
angle ¢, equal to tan?(7/4 +¢/2). Some fundamental characteristics of the material
behaviour however were omitted in the relationship. These characteristics include
the influence of void ratio, in terms of whether the soil will experience hardening or
softening during shear, and stress level. A recent modification of the classical stress-
dilatancy equation by Wan and Guo [7] incorporates these effects, creating a much
more accurate theoretical expression to follow volumetric progressions in granular

materials.

1.2 Objectives of the Research

The main focus of this thesis is to examine the behaviour of granular materials
subjected to conventional triaxial testing. The term conventional is used to define
typical cylindrical testing, where the intermediate stress is equal to the minor stress.
Further reference to triaxial testing in this thesis will imply the conventional method.
The experimental results will be applied to verify a stress dilatancy model proposed
by Wan and Guo [7]. Other objectives of this work include:

1. the design of a low friction interface to be used between the sample and the

platens including the use of enlarged platen to permit radial expansion,

2. the determination of an acceptable method of sample preparation allowing

reproducible densities (initial void ratios) and



3. the expansion of the testing to incorporate cyclic loading.

The limits of this research involve the type of materials and the methods utilized
in the triaxial testing. C-109 Ottawa Sand being a standard sand common to many
experimental programs is used to determine the parameters of the model. Ottawa
Sand is generally composed of fairly uniform rounded grains which make it easy to
work with and is an ideal material for use in triaxial testing.

Both the initial density and confining pressure are varied in an attempt to estab-
lish the validity of the proposed relationship over a wide range of conditions. The
initial void ratio ranges from loose to dense to reflect all modes of strain-hardening
and strain-softening. The confining pressures remain in the lower range, with a
sufficient variety to capture the influence that they exhibit on granular material be-
haviour. Stress-strain-volumetric responses are examined for these ranges of void
ratio and stress level with emphasis placed on the dilatancy behaviour of the sand.

Experimental results for the cyclic loading tests are limited to the loose and the
dense sands at the highest and lowest confining pressures used in static tests. The
intent of this portion of the research is to establish the evolution of material response
with the number of stress cycles in an attempt to characterize any microstructure
dependencies in the cyclic loading regime. The mode of failure, whether stable
(shakedown) or unstable (ratcheting) is studied to determine the influence of the
initial conditions required for each case. Although the model is not yet advanced to
the point of being able to describe this phenomenon, the resulting data will help to
achieve this goal.



1.3 Organization of the Thesis
This thesis encompasses three major topics:

1. a study into the stress-dilatancy relationship and the verification of a newly
proposed model which incorporates pressure and density dependencies into

granular material behaviour,

2. an experimental program involving the development of laboratory procedures
used to conduct conventional monotonic triaxial testing on fine Ottawa Sand

and the interpretation of test results and

3. the observation of the behaviour of fine Ottawa Sand under low frequency cyclic
loading conditions including the effects of confining pressure and initial void

ratio.

The above topics are described in eight chapters. This chapter gives a general
description of the problem, the intentions of the thesis and a brief overview of the
presentation of the thesis.

Chapter two provides a detailed literature review of the current theories in
geotechnical design and the models employed to present these theories in an ef-
fective manner. A description of the stress-dilatancy interaction provides a detailed
review of Rowe’s theory of dilatancy as well as other methods used to explain plastic
volumetric behaviour of granular materials. The chapter ends with the limitations

of current theory and a brief introduction to the proposed model.



The laboratory objectives, methods and equipment utilized in the experimental
portion of this research are presented in Chapter three. A detailed study of recon-
stituted sand sample preparation techniques and free end design are included in this
section.

Chapter four contains the results of the experimental study, providing the stress-
strain-volumetric responses of fine Ottawa Sand coupled with an interpretation of the
behavioural characteristics exhibited by the sand. Chapter five presents the proposed
model and applies the experimental results to determine the material parameters of
the tested material. These parameters are then used in Chapter six to verify the
model followed by a discussion of the resulting comparison between theoretical and
experimental values. .

Chapter seven describes the cyclic testing regime, providing modifications to the
equipment and procedures, plots of the resulting responses and an observational
discussion on the cyclic behaviour of Ottawa Sand.

Conclusions and recommendations for further study accompany a brief summary

of the thesis research in Chapter eight.



Chapter 2

LITERATURE REVIEW

2.1 General

The evolution of the characterization of granular materials is an extensive subject
with developments beginning as far back in the 1700’s as limit equilibrium meth-
ods were first presented, through considerations of deformation analysis to existing
non-linear elastic theory, plasticity theory and damage theory. Initial studies of par-
ticulate material interaction are credited to Coulomb [8]. The influence of individual

grains limits the effectiveness of the Coulomb criterion,

rT=o0otang+c (2.1)

as the relationship was developed using two intact contact surfaces. However, the
criterion is still widely used today and the basis for strength behaviour of soils. This
equation states that on a failure plane the shear stress, 7, is related to the normal
stress, o, by an angle of internal friction, . The cohesion term, c, is generally
ignored for granular materials and will be omitted throughout this research as the
rounded grains of Ottawa Sand do not exhibit cohesive behaviour.



Deformation theory, with respect to the shear distortion of granular material, was
not considered until over a century later. The changes in volume in an element re-
sulting from a shifting of the individual particles in that element was first introduced
by Reynolds [9]. This theory better captures the essence of a granular media, unlike
Coulomb’s proposal which ignores micro-effects of the grains. Reynolds termed this
phenomenon as dilatancy; the volumetric changes imposed by the geometry of grain
packing of a material when subjected to shear.

Dilatant materials, such as soils, exhibit irrecoverable volumetric strains when
sheared. The movement of the particles is dependent on the contact forces between
them. Plastic shear displacements occur as the frictional resistance between two
grains in an element of soil is overcome by the contact forces on the grains caused by
shear stresses on the element. An element of dense material originally has some room
between particles, and will initially contract as these voids are filled. The material
will then expand with shear as the particles tend to slip over one another. The weaker
grain contacts will slip first, causing more stresses to build up at the stronger contacts
until these too become greater than the frictional resistance forces. Conversely, an
initially loose configuration has a greater void space between particles, allowing the
compression of the element as a whole. The contact forces tend to disperse more
equally between the grains resulting in less redistribution of forces as shearing occurs.

The interaction between strength and dilatancy becomes significant when con-
sidering the behaviour of granular media. Figure 2.1 shows a common response of
both dense and loose sand. The stress and volume curves have unique corresponding

characteristics. For example, the peak of the dense stress-strain curve nearly coin-



cides with the maximum slope of the volume change curve. Also, both dense and
loose materials exhibit horizontal stress-strain and volumetric strain curves at high
axial strains. Casagrande [1] is the first to describe this condition where the materi-
al’s volume changes cease and constant stress conditions occur as the critical state.
Further studies noted that the critical state stress level and density of a given gran-
ular material were independent of the initial packing of the sample at normal stress
levels. It is interesting to note that this may not apply at very low to extremely low
stress levels where dilatancy effects are marginalized due to predominance of fabric
changes [63). In fact, the critical values of void ratio and stress level were essentially
identical for a soil, regardless of the initial conditions allowing these factors to be
labeled material parameters [10].

Observation of corresponding states of stress and volumetric behaviour such as
peak stress with maximum expansion and critical conditions showed reoccurring
results for all granular materials. This gave rise to the concept of a stress-dilatancy
interaction and the possibility of being able to determine one from the other.

The ability to characterize plastic volume change behaviour with stress level lends
itself to a better understanding of the reactions of granular materials to various
loading conditions. Particulate deformation and arrangement influence the strength
of soils. For example, a densely packed configuration of grains will exhibit a strength
gain as the initial contraction and expansion phase occurs. Later, volume change
rates become a maximum and peak stress is achieved as the energy required for
maximum dilation is expended (Rowe et al [11]). Finally, as the volume change

ends, constant volume conditions occur and additional energy input to shear the
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sample is no longer required.

A knowledge of the integrated stress-deformation theories and the access to con-
stitutive models capable of describing this mode of granular material behaviour are
valuable in the design and analysis of geotechnical structures. The determination of
the required parameters allows the development of a precise, comprehensive descrip-
tion of the material response throughout the loading regime. All potential yielding
and failure modes can be predicted and effectively prevented.

Existing geotechnical theories including limit equilibrium and deformation analy-
sis will be discussed in this chapter. Some available constitutive models and dilatancy
theories will then be presented. The chapter will conclude with a brief introduction

and framework of the proposed research.

2.2 Existing Theories in Geotechnical Design

Current practice in the geotechnical field tends to simplify design and analysis as
much as possible as economic viability plays an extensive role in the industry to-
day. The ease of design and analysis is accomplished by utilizing basic principles to
characterize upper and lower bound, or limit equilibrium solutions. Very few easily
determinable material parameters can be implemented in common equations of equi-
librium and/or compatibility to discern whether a given load will cause failure. The
simplifications and inaccuracies of these equations are compensated by large ‘safety
factors’, which result in a solution that does nothing to interpret the true behaviour

of the material.
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2.2.1 Bound Methods

The bound methods in plasticity theory are powerful design tools. Problems such as
slope stability and bearing capacity generally require only a solution as to whether
or not the soil will fail under certain loading conditions. Simple laboratory testing of
soil samples will provide the cohesion and friction angle parameters which are used
in the classical failure theory developed by Coulomb and shown in the form of a
Mohr’s circle diagram, see Figure 2.2. These failure criteria define the condition of
ultimate collapse, and must be satisfied for bound solutions.

In basic strength analyses, extremum theories are used to approximate the solu-
tion to continuum mechanics problems. Lower and upper bound values determine
failure loads which are respectively smaller and larger than the collapse loads. Precise

solutions to problems of continuum mechanics involve:
1. satisfying equations of equilibrium,
2. satisfying compatibility of strains, and
3. incorporating material properties.

To simplify this process, upper and lower limits of collapse loads may be found
using a bound method. This involves a simplification of the above requirements by
eliminating either the equilibrium or the compatibility requirements. The material
must be treated as perfectly plastic meaning that at failure it must be at critical
state and the incremental plastic strain vector must be normal to the yield surface.

A lower bound solution maintains equilibrium conditions, but ignores the com-

patibility of strains. The lower bound solution must also correspond to a stress field
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that does not violate any yield criterion. As the name suggests, this type of analysis
with result in an ‘unconservative’ solution, underestimating the failure loads.

An upper bound solution achieves the opposite result. A ‘safe’ value of failure
load is determined as the work done from external loading is equated to a kinemat-
ically admissible displacement field corresponding to a failure mechanism. To be
kinematically admissible, the compatibility of strains must be met although equilib-
rium conditions do not have to be satisfied. If the upper and lower bound solutions

are identical, the value is unique and represents the exact failure load.

2.2.2 Limit Equilibrium Analysis
The limit equilibrium method is a common stability analysis to find the limit equi-

librium load which the geotechnical structure can sustain. The steps used in the
limit equilibrium method [12] are:

1. define an arbitrary collapse mechanism of slip surfaces,
2. calculate the static equilibrium of the components of the mechanism by reso-

lution of forces to find the strength mobilized in the soil or the external forces

and

3. examine other mechanisms to find the limit equilibrium load.

The strength of the soil is usually given by the Mohr-Coulomb failure criterion.
Upper and lower bound methods are combined to describe the conditions of the limit
loads as the geometry of the slip surfaces must allow failure to occur but compatibil-
ity is not necessarily satisfied because the surface can take on any shape. Likewise,
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overall equilibrium conditions are met but stresses within the mechanism blocks are
unimportant. Wedges and slip circles are used in common analyses, although in
drained loading conditions, the slip surface method meets with a statically indeter-
minate summation of forces. In this case, the method of slices is used to divide the
block into relatively equal sized vertical slices, which are analyzed separately using
simplifying assumptions to eliminate the indeterminacy and then added together to
find the solution as a whole. Many different assumptions have been suggested in-
cluding (a) equating the resultant of the interslice forces to zero [13], (b) making
the direction of the resultant of the interslice forces horizontal [14] , as well as more
complicated methods such as those suggested by Janbu [15] and by Morgenstern and
Price [16).

2.2.3 Deformation Analysis

Recent developments in analytical methods such as the finite element analysis, con-
stitutive modeling and computational capabilities are beginning to allow engineers
the option to design and analyze accurately without sacrificing safety considerations.
The continuum mechanics approach which was described earlier in the previous sec-
tion has become attractive given the availability of today’s computational power.
Basically, the analysis is rigorous in that one searches for the stress and strain fields
which satisfy mechanical equilibrium, strain compatibility and strength/yield crite-
ria for a structure which is subjected to external loads. The whole analysis hinges
on the proper characterization of the stress-strain behaviour of the material for an

accurate calculation of deformation and stresses. The next sections will focus on this
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aspect.

2.3 Some Existing Constitutive Models in Geotechnical De-

sign
In certain desired designs, such as those requiring foundation settlements and slope
deformations, the determination of stress and strain fields hold more significance
than the soil strength. Typically, these strains are considered to be small enough
so that they are recoverable under design working loads to justify the use of linear
elastic theory.

Linear isotropic elastic behaviour incorporates Hooke’s law, employing only two
parameters, Young’s modulus £ and Poisson’s ratio v, to describe the stress-strain
relationship. Due to Poisson’s effect, the axial strain (principal strain), €; gives rise
to two lateral strains &,, €3 which are the intermediate and minor principal strains
respectively. In conventional triaxial conditions, volumetric strains ¢, are determined
by assuming that the minor and intermediate strains are equal, giving the equation
€y = €1 + 2¢3.

The use of linear elasticity, although useful for steel and rock analyses, is ex-
tremely limited in the soil mechanics field. Observation of the stress-strain curves
of soils show that even the initial slope of the curve is non-linear. At large strains,
the plastic deformations dominate the soil behaviour, preventing the ability of elas-

ticity theory alone to provide useful information. However, the elastic component of
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volumetric changes must be considered in the interpretation of material behaviour.

Non-linear elasticity provides a correction to the elastic theory by prescribing a
dependency of elastic moduli on mean pressure and/or void ratio. It represents a
more accurate depiction of soil behaviour, as it can characterize, to a certain extent,
the reduction in stiffness as strain increases.

Although elastic strains govern the volume changes in the initial segment of the
stress-strain curve, plastic deformations quickly begin to dominate with the develop-
ment of irrecoverable strains. Mroz [17] suggests that there is no distinct separation
between the onset of plastic strains, termed the yield surface, and pure elastic be-
haviour. This causes the size of the elastic region to become negligible and makes
it difficult to define the elastic parameters. Any model using elasticity theory will
be inadequate to describe the material behaviour. The integration of elastic and
plastic deformation requires a more sophisticated means to represent stress-strain-
volumetric behaviour. Mroz [17] provides a list of constitutive model types capable
of this task. Depending of the desired accuracy and response, as well as the testing

conditions, time independent model classes include:
1. non-linear elasticity and hypoelasticity,
2. perfectly plastic models with associated and non-associated flow rules,
3. isotropic hardening models with density dependency,
4. anisotropic hardening models with multiple loading surfaces,

5. endochronic or incrementally non-linear formulations avoiding loading/unloading

conditions and
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6. combined elasto-plastic sand damage models accounting for elastic stiffness
degradation.

Once a constitutive model is defined, the solution of the boundary value problem
can be initiated. Conservation of mass and conservation of energy equations ensure
that the fundamental laws of physics are satisfied. The above constitutive model
defines the inherent material properties. The boundary conditions are then applied
to determine the solution for a particular scenario.

The solution of boundary value problems may be found by simple closed form
methods for a simple set of equations. However, more complex inputs may require

an advanced numerical modeling technique such as the finite element method.

2.3.1 Hyperbolic Model

The hyperbolic model is a common non-linear elastic model which describes soil

behaviour with the use of a hyperbolic curve. Kondner [18] first used the equation

& s

a -; be  (1/E: +€/E01 — O3)ute]

oy —03= (22)

to characterize the stress-strain response of a soil tested under constant confining
pressures, 3, in triaxial conditions. In this relationship, the constants a and b are
the reciprocals of the initial tangent modulus, F;, and the ultimate stress difference,
(01 — 03)ure, respectively.

Duncan and Chang [19] extended the model to describe the tangent modulus, E,

at any point on the curve such that
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_ Ry(1 —sinp)(o1 — 03) o3\"
E. = [1 2ccosp + 203sinp K p. Pa 23)

with constant values of the modulus number, K; modulus exponent, n, failure ratio,
Ry, and the Mohr-Coulomb failure parameters, ¢ and . The term p, represents the
atmospheric pressure during testing.

The model was later advanced again to account for volume changes with either an
equation which captures the tangent of the Poisson’s ratio [20] or the Bulk modulus
value

B=K, (ﬂ)m (2.4)

Pa

where Kj is the bulk modulus number and m the bulk modulus exponent [21]

This model is attractive in that it is easily understandable and simple to use
with few parameters which can be determined through standard triaxial testing.
The influence of confining pressures are brought into use to define volume change
characteristics as seen from Equation 2.4. Young’s modulus for unloading, E,,, can
also be captured with the utilization of another similar equation

o3 "
Eur=Kur s | =
~(3)

by assuming that the soil behaviour is elastic for unloading and reloading. In this
expression, K,,, is the unloading-reloading modulus number.
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Limitations of the hyperbolic model are found in its use of a generalized Hooke’s
law to describe isotropic behaviour. Anisotropic influences cannot be captured. The
model also is incapable of defining post-peak behaviour. Volumetric expansion of
dense sands and overconsolidated clays will not be reflected in calculations performed

using the above equations.

2.3.2 Plasticity Theory

Plastic deformation is responsible for the strain hardening and softening behaviour of
a soil (Figure 2.1). Strain hardening occurs as the movement of particles against each
other causes a buildup of strength in the material until peak conditions are reached.
Both loose and dense particulate materials show evidence of this phenomenon. Strain
softening is demonstrated only in dense sands, particularly at low stress levels, and
occurs after the peak failure strength is reached, describing the weakening of the
material as the soil reaches a state that can no longer manage the applied stress.
The yield surface can be defined as the stress state required to begin producing
irrecoverable strains, see Figure 2.3. Prior to reaching this state, any possible loading
regime will produce only elastic strains. Once a material reaches yield conditions,
it begins to deform plastically and continues to change volume in this manner until
it reaches the failure surface. In this way, the yield envelope is not a stationary
surface but instead constantly increases with strain hardening. If strain softening is
not exhibited by the soil, the yield surface will eventually become the failure surface,
a stationary envelope of which contains all possible states of loading existence. If
strain-softening does occur, the yield surface will touch the failure surface and then
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retract as the soil achieves residual conditions.

Yield functions which characterize yield surfaces can be obtained by several meth-
ods. For example, they can be viewed as the locus of equal plastic work done or
plastic shear strain to reach a certain plastic deformation state. A simpler approach
is to assume that they take the same form as the failure surface [22]. In this way, the
Mohr-Coulomb equation is used as both the yield and failure criterion by equating
it to zero as follows,

(or—a3) (o1+03) .

F= 5 3 singm =0 (2.5)

The mobilized friction angle ., controls the yielding strength characteristics up
to failure, defined by the failure friction angle ¢, and beyond to critical conditions
at the constant volume friction angle ¢.,. Using these three conditions, Equation
2.5 can adequately describe the soil behaviour throughout the loading regime.

The Mohr-Coulomb failure surface is a mean-stress dependent failure criterion,
a condition which is desired in the modeling of frictional materials. It is well suited
for the two dimensional, triaxial failure conditions as the influence of the interme-
diate stress is omitted. When extending the Mohr-Coulomb surface to the three
dimensional stress space, the failure criteria becomes more difficult to character-
ize, as the shape of the surface is not smooth (Figure 2.4). Other models, such as
the Drucker-Prager (23] and the Matsuoka-Nakai [24] criterion, also shown in Fig-
ure 2.4, attempt to correct for this inconvenience by utilizing a continuous surface.

The Drucker-Prager model is in a circular form in the spatially mobilized plane and
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adequately defines the behaviour of granular materials in compression planes, but
grossly overestimates triaxial extension failure. The Matsuoka-Nakai form more ac-
curately encompasses the differences in extension and compression behaviour with a

failure surface much closer to that described by the classical Mohr-Coulomb theory.

Flow theory of plasticity
Flow rules are used in plasticity theory to estimate the incremental plastic strain

vector de? during yielding. The incremental form of the flow rule

aG

P — I\ 22
de d/\aa

(2.6)

contains two terms typical to vector mechanics; d, the plastic multiplier describing
magnitude of plastic strains and dG/8¢ describing the direction of the plastic strain
vector which is the normal to some plastic potential function G.

The plastic potential, G, can be determined in various ways, among others, it
can be calculated by integrating the plastic strain increments measured in a test.
However, it is customary to substitute the plastic potential G with the yield surface F
which results in the so-called associated flow rule. Although this method lends itself
well to steel materials as the plastic volume change of steel is generally negligible,
the use of the associated flow rule does not accurately portray granular material
behaviour when compared to experimental results. This discrepancy can also be
demonstrated with theoretical means {22]. Energy must be dissipated during the

plastic deformation of a soil to maintain a theoretically sound model. The normality
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condition of associated plasticity ensures that the direction of the plastic shear strain
vector is perpendicular to that of the yield surface. In this manner, the plastic strain
vector is also normal to the total stress vector. The mathematical consequence of

this condition, given the definition of work done as

¢
W=/a':é"dt 2.7
0

is that the energy dissipation vanishes. Indeed, this form of the plastic potential
(G = F) assumes that the value of the dilatancy angle, ¥, written in terms of the
ratio of plastic volumetric strain increments, de?, to plastic shear increments, dv?,

such that

dej
dvyP

sing = —

is equal to that of the friction angle. However, in experimental data [22], [5], [25],
the dilatancy angle is found to be as much as 20° less than the friction angle.

If the determination of the plastic potential is not achieved in the same form
as the yield function, a non-associated flow rule results. Non-associated plasticity
ensures that the dilatancy angle does not equal the friction angle and the plastic

potential for this theory can be written as

G = (01 —03) — (01 + o3) siny (2.8)
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for granular materials. Shortcomings of the non-associated law include the violation
of the aforementioned normality rule, as the plastic strain increment is no longer
positioned normal to the yield surface. This may cause an unstable solution as
mechanical stability requirements are not necessarily met. However, the possible
instability effects, viewed as being too restrictive, are a small sacrifice to accuracy if

the use of the dilatancy angle can be considered in the flow rule.

Cam Clay Model

The Cam Clay model (26}, [27] was developed at Cambridge and incorporated con-
cepts of work-hardening and plasticity theory to describe the behaviour of clays. The
basis of the model is the critical state theory [28] which defines the final void ratio
and stress conditions that a soil will reach regardless of its initial void ratio. The
Cam-Clay model also uses the basic energy equations to describe the work done as
the yield surface moved from its initial position to failure.

Developed for use with isotropic conventional triaxial testing, the results are
described in the three-dimensional p—g—e space with p = (o;+2073)/3 as mean stress,
q = (o1 — 03) as deviatoric stress and e as void ratio. A fundamental assumption of
the original model involves equating the elastic volumetric strains to zero, although
modified versions of the theory can include this factor. The basic relationships of the
model include plastic, €2, and elastic, 2, volumetric strains such that in incremental

form

p_ (A—r)dp

= ire)p (29)
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(2.10)

where A and x are constants describing the compression and swelling behaviour in
the e — Inp space. The projection of the critical state surface onto the ¢ — p and

e — Inp spaces give

g=Mpande=e. — Alnp (2.11)

with M as the frictional constant and e, the void ratio at a mean stress p = 1. The
yield surface for the modified Cam-Clay theory is finally described by equating the
plastic work done to the plastic dissipation which takes place at critical state. The

following expression is classically obtained:

F(p,q) = p* — pop + (g/M)? (2.12)
where py is the strain-hardening parameter defined incrementally as

. _l+eg
po = A_npoég (2'13)

The Cam-Clay model can be used with ease as there are relatively few para-
meters which are determined simply from laboratory triaxial testing and the well
established compression and swelling indices. The inability to characterize strain-
softening effects is a major limitation, as is the increasing complexity of the model
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when attempting to use it to describe soils other than normally consolidated clays.

2.4 The Stress-Dilatancy Theory

The discovery and application of dilatancy has been essential to constitutive mod-
elling of geomaterials. Its ability to characterize particulate behaviour in terms of
continuum mechanics creates a simple method of determining the portion of the
frictional angle which is exerted on volume changes in the material. Before these
volume changes were defined, granular material description was accomplished by
using the limited relationships of either initial elastic behaviour or the peak stress
failure behaviour.

The limitations of elastic assumptions in soil mechanics are many. If using an
elastic theory, validity is found for only very small strains, and does not extend
into the pre-peak, post-peak or residual regions of the stress-strain curve. Volume
changes are all considered to be recoverable causing energy dissipation and any plastic
behaviour to be ignored. While the linear elastic method is simple to use and provides
relatively accurate results under low stress conditions, it can not be considered a
useful tool for describing other stress states.

Failure theory to soil mechanics is used in soil mechanics to determine maximum
allowable loads. Its weakness lies in that it cannot be used in conjunction with
methods to identify corresponding displacements. Once again, this method only
describes one stress state in the evolution of strength behaviour.

Dilatancy theory can effectively incorporate the above mentioned small strain



25

and peak soil states as well as areas within and beyond. It ultimately provides the
dilation induced plastic volumetric strain component which needs to added to the

elastic volumetric strains.

2.4.1 Evolution of Stress-Dilatancy Theories

The implementation of dilatancy into the field of soil mechanics began slowly in
the 1930’s with Casagrande’s work [1] which explains the effect of friction angle
on volume changes in soils. Taylor [29] first suggested the possibility using energy
theories to separate the shear stress into friction and volume change components. The
frictional component being the term previously used to encompass the entire shear
stress behaviour, describing typical Coulomb interaction with two surfaces sliding
against one another. The volume change component is a term which accounts for
the action of particles sliding over and around one another.

The advantages of being able to split the required shear stress components, cou-
pled with the use of energy considerations lead to advanced research into the area of
dilatancy. Newland and Allely [3], in their frictional analysis of dilatancy, were the
first to show that Taylor’s division of the friction angle terms, while doing much to
advance the concept of volume changes in granular materials, did not yet account all
of the mechanisms responsible for the accurate description of soil strength. The fric-
tion angle was divided again to split the pure sliding friction from the friction caused
by particle interaction and reorientation. The influence of neighbouring grains on the
sliding action of a single grain can be explained when examining a random assembly
of particles. Referring to Figure 2.5(a), the plane of sﬁding of the grains against
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one another is seen to have a different orientation for every particle contact. An
average angle of sliding can be assumed, obviously in a direction which is not paral-
lel to the direction of application of shear as Coulomb’s theory suggests. These two
mechanisms represent the extent of Taylor’s analysis of dilatant behaviour. However,
Figure 2.5(b) shows the influence of various sized particles with random packing. If
the upper and lower halves of the soil element are assumed to behave as a unit, the
difference in the contact orientation becomes apparent. An average sense cannot be
used, as the steepest contacts and mode of failure will control the behaviour of the

volume changes.

2.4.2 Rowe’s Stress-Dilatancy Theory

In 1962, Rowe [2] provided a theory that was very similar to the one presented by
Newland and Allely (3] five years earlier. In fact, King and Dicken (30}, in a compari-
son of the two theories found little difference in the calculated results. Although both
used the same basic equations, an equilibrium stress equation and a volume change
equation, Newland and Allely’s theory has been relatively ignored while Rowe’s the-
ory has become well known and widely used. King and Dicken [30] credit this to
the fact that Rowe’s research was based on a rigorous analysis with convincing ex-
perimental comparisons. Newland and Allely [3] did not supply as convincing an
argument and only considered the maximum friction angle in their analysis.

Rowe [2] begins with the definition of the basic angle of friction, ¢, and adds the
interparticle sliding angle, 8 (Figure 2.6), to develop an expression of applied shear

force



P = Qtan(p, + B) (2.14)

with P and Q representing respective shear and normal forces

This equation is applied to three different packing scenarios; two dimensional
uniform rods, three dimensional face centred spheres and three dimensional spheres
in a rhombic pattern. The test materials were all simple geometric forms, each
representing a frictionless grain. In each case, the ratio of principal major to minor

stresses was found to be

2 _tana tan(p, + B) (2.15)
4]

with a representing a geometrical property of the packing as the angle between the
plane of particle interlocking and the direction of minor principal stress, o3.

The above Equation 2.15 can be multiplied by the strain ratio s, /e3 = 1/ tana tan 8
or €;/e3 = 2/ tanatan S depending on whether it is a two dimensional or three
dimensional case. As a result, the energy ratio of a fixed orientation of particle

movement is given as

_ &1 _ tan(py + )
E= ose;  tanf (2.16)

The extension of the preceding experiments to random irregular particles is ac-
complished by assuming that the relocation of the grains occur in the most efficient

manner. As the weak contacts slide and transfer more stress to the stronger con-
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tacts, Rowe assumes that the beta values of the contacts are those corresponding
to a minimal amount of work done by the soil. This is mathematically defined at
the extreme when the change in energy with the change in the 3 value is equated to
zero. Solving for this, one can see that 8 = (7/4 — ¢,/2) and

o1

p— tan®(w/4 + ¢,/2) (1 + de,/de,) (2.17)

Although Rowe’s work provided the first reasonable insight into the relationship
between stress ratio and volume changes throughout both contractive and dilatant
behaviour, it did have limitations. The use of a minimum energy principle brought
on criticism because of the questionable nature of its origin, namely the difficulties
in proving the extremum principle when friction is involved [31]. Despite this, Rowe
[2] and others [32] provided experimental data which strongly supported his claims.

De Josselin de Jong [31] used the same ‘sawtoothed’ model as that proposed by
Rowe to validate the stress-dilatancy relation with the laws of friction. He based
the analysis on a maximum for the deviation angle, A, between the force acting on
a contact surface, and the normal to that surface. When applying the comparison
of the deviation angle with the friction angle, ¢,, to the friction laws, the following
can be deduced:

(i) if A > ¢, the bodies cannot slide;
(ii) if A = @y, the bodies can slide;

(iii) A < ¢, is impossible.
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To satisfy the above rules, de Josselin de Jong [31] equated the maximum devia-
tion angle with the friction angle and limited the deformation mode to the direction
of Amax- Using simple geometry, an equation resulted which is identical to Rowe’s
findings, i.e.

E* = tan®(n/4 + p,/2) (2.18)

with E* defined as the work ratio of major and minor principal effective strm
The difference between E* in Equation 2.18 and F in Equation 2.16 is that Rowe’s
definition of ratio of work in to external work does not hold for cases of non-coaxiality.
By specifying the ratio of principal stresses, de Josselin de Jong [31] eliminates this
limitation.

Further models of the stress-dilatancy relationship considered the direction of
grain movement to be in a plane tangential to the grain contacts [33], [34], [35].
Ueng and Lee [6] attempted to further characterize the deformation of sands, sug-
gesting a concept which divided the grain contacts into slip and non-slip contacts.
The insertion of a simplified fabric factor into the stress-dilatancy equation which
accounts for the effect of non-slip contacts gave reasonable correlation to laboratory
results for drained cyclic direct shear and triaxial tests. However, the confining pres-

sure and initial density influence were still not adequately captured in this model.



30

2.4.3 Proposed Stress-Dilatancy Relationship

While current practice used to describe the inherent behaviour of granular materials
is in many ways adequate for general design and analysis purposes, advanced models
are required to capture the complicated responses of frictional materials. The model
proposed herein addresses concerns of pressure and density dependencies by means
of a void ratio term embedded in the original stress-dilatancy relationship. This term
is capable of capturing strain-hardening and softening behaviour as well as constant
volume behaviour in a simple elasto-plasticity model. The principal features of the
model are a failure surface governed by a Mohr-Coulomb failure envelope, a yield
surface in the same form as the failure criterion, a non-associated flow rule governing
plastic behaviour and a vertical cut off cap which controls hydrostatic compaction.
Chapter five presents the model in detail, with supporting equations and parameter

determination methods.
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Figure 2.1 Standard Behaviour of Granular Materials
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Figure 2.3 The 2-D Yield and Failure Surfaces
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Figure 2.4 Comparison of Common 3-D Failure Surfaces

(b) Sliding along selective contacts

Figure 2.5 Microscopic View of Grain Contacts
(after Newland and Allely, 1958)



Figure 2.6 Friction of Inclined Planes
(after Rowe, 1962)
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Chapter 3

EXPERIMENTAL PROGRAM

3.1 General

Triaxial testing has, in the past, been a common method used to determine the
shear strength parameters of soils. At the time it was developed, engineers were
primarily concerned with the ultimate failure capacities of geotechnical structures.
Less concern was given to the failure mechanisms or deformation characteristics
governing the material behaviour. In more recent times however, triaxial testing has
evolved into a powerful tool used by researchers to determine accurate strength and
deformation behaviour of soils. The development of true triaxial tests, which separate
the radial stress application into two independent directions, promotes the ability to
imitate cases in which the three principal stresses are unequal, oy # o2 # g3. Stress
path testing is another method used in triaxial testing to provide a more accurate
depiction of soil behaviour, as it duplicates the stress history of the soil by varying
the path of effective stresses.

Perhaps the most well known and widely used triaxial testing information, The
Measurement of Soil Properties in the Triazial Test by Bishop and Henkel [36] pro-
vides both a technical and theoretical evaluation of triaxial test procedures. Although
published some time ago, i:he “Triaxial Book’ still contains much of the information

35
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used today. Some exceptions to this are summarized in a paper by Baldi et al [37] .
Baldi’s re-evaluation discusses topics that are not sufficiently analyzed in the book
by Bishop and Henkel [36]. It concentrates on the effects that technological advance-
ments and increased understanding of soil mechanics have on triaxial testing.
Although the testing procedures and equipment used in this research were quite
basic, it is worth mentioning that enlarged end platens were introduced to minimize
strain localization in the specimen. Overall, accurate and consistent results were

achieved with the testing equipment and methods described further in this chapter.

3.1.1 Testing Objectives and Specifications

The primary objective of the experimental program was to capture the stress-strain-
volumetric response of Ottawa sand over varied initial densities and confining pres-
sures. The approximate targeted void ratios of the prepared samples were chosen
to be 0.53, 0.63 and 0.70 representing dense, medium dense and loose conditions,
respectively. Relatively low confining pressures were utilized, capturing a wide range
with 200, 500 and 800k Pa.

Nine samples were used for the monotonic loading triaxial tests to determine the
parameters for a stress-dilatancy model which will be discussed further in Chapter
five. The specimens prepared were all 76mm in diameter with a 1.2 to 1 height to
diameter ratio. Each sample was formed by the moist tamping method, with the
amount of material in each layer adjusted to reflect the desired initial dry density.
Enlarged, lubricated end platens minimized adverse testing effects such as localized
failure and barreling of the sample. The elimination of such heterogeneous béhaviour
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is essential in the validation of constitutive models as they are difficult to develop

without the assumption of a homogeneous material.

3.1.2 Determination of Physical Material Parameters

Various preliminary tests were undertaken prior to the triaxial experiments in an at-
tempt to characterize the Ottawa Sand (C-109). Although this material is commonly
used in geotechnical research and has fairly well defined properties, it is deemed im-
portant to describe the sand in this particular investigation. The specific tests were
conducted with procedures recommended by Das [38] and Liu and Evett [39] and
encompassed the determination of grain size distribution, specific gravity and the

maximum and minimum densities.

3.2 Testing Equipment

The testing equipment consisted of two independent vacuum sources; two indepen-
dent pressure sources; a load frame; the triaxial cell; transducers to measure volume
change, axial displacement, load and pressures; and tubing to connect air and wa-
ter sources to the cell. Figure 3.1 offers a brief schematic of the monotonic triaxial
testing setup and the placement of the above equipment.

Data was gathered using a Labtech Notebook data acquisition program (40].
The program was run on an IBM compatible PC. It logged readings of load, axial

deformation, volumetric deformation, confining pressure and top and bottom pore
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pressure at controlled specified time intervals. Labtech Notebook was also capable
of plotting data as received, allowing an immediate, but rough, estimate of the soil

behaviour.

3.2.1 Mold Design

The desire for a height to diameter ratio of 1.2 and enlarged, 89mm, platens required
the design of a specific split mold to be used in forming the samples. The aluminum
mold had an interior diameter of 76mm, with the diameter of the outer ends increased
to 89mm to fit around the platens. Holes were cut at mid height on each side of
the mold to provide a vacuum intended to hold the membrane tight against the
form during the wet tamping process. Two clamps were fitted to ensure a tight seal
could be maintained and the mold could be removed with ease after the sample was
created. A diagram of the mold design is shown in Figure 3.2.

Initial difficulties with maintaining a seal between the two halves of the mold
were avoided by placing a thin layer of Dow Corning silicon vacuum grease between
them prior to clamping the mold. This proved adequate and allowed for the vacuum

to hold the membrane tight against the mold during sample creation.

3.2.2 Triaxial Cell

The standard triaxial cell base was found to be acceptable for use with the intended
triaxial testing with the exception of the top platen seals and the platen size. The
base is shown in Figures 3.3 and 3.4. The entire cell is pictured in Figure 3.5.
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A connection is provided in the cell base to attach the confining pressure line.
Back pressure is controlled through one of each of the top and bottom platen inlets
into the sample and measured by a pressure transducer attached to the top and
bottom inlets on the opposing side. All of the four inlets into the sample can be
controlled individually allowing a varied range of options when applying pressure to
the sample.

Modifications to the cell involved the replacement of the standard o-ring seal used
to connect the 0.125mm tubing from the base to the top platen. The original design
created an unreliable seal with the potential to allow the cell pressure and the back
pressure to influence one another. Instead, a push-to-connect fitting [41] was used
at either end, capable of holding a seal up to pressures of 1500k Pa.

The cell platen size was increased from a diameter of 76mm to that of 89mm.
This caused a slight overlap with the new push-to-connect fittings on the base. The
difficulty was overcome by cutting out a portion of the bottom half of the platen
to allow room to insert the tubing into the fittings. The standard cell wall and top

attachment did not require modification.

3.2.3 GDS Pressure Controller

The GDS Pressure Controller [42] was able to generate, measure and regulate lig-
uid pressure up to 3M Pa. Its target pressure and ramping capabilities as well as
the 1kPa accuracy and resolution made it an ideal regulator for confining pressure

control.



3.2.4 Measurement Devices

The cell and back pressures were measured by pressure transducers placed in the
respective pressure lines. Back pressure was measured in the lines both entering
and leaving the sample to ensure no pore pressure buildup weuld occur during the
application of confining pressure or shear stress.

Axial deformation was measured externally by means of a linear variable dis-
placement transducer (LVDT) placed on the loading ram of the triaxial cell. An
Imperial College volume change transducer was attached to the back pressure line
to obtain volumetric strain values of the sample by measuring the volume of water
entering or leaving the sample.

Load measurements were also taken externally by a 50kV capacity load cell placed
on the load frame. All measurement devices were calibrated at the commencement

of the test program and at regular intervals throughout testing.

3.2.5 Load Frame

The application of the axial load was provided by an ELE Digital Tritest 50 load
frame [43]. The frame provides a strain-controlled loading at speeds ranging from
0.00001 to 9.99999mm per minute and can provide a force of up to 50kN. Figure

3.6 shows the load frame as well as the GDS pressure controller.



41

3.3 Homogeneity

3.3.1 Free ends

The use of free ends in triaxial testing has been extensively discussed by many
prominent authors [25], [44], [45], [46], (47), (36]. It is widely agreed that the use of
lubricated ends allow for a relatively homogeneous stress distribution throughout the
test specimen. This eliminates much of the tendency towards bulging of the sample,
a condition where the stress interaction between the platens and the sample causes
the majority of the radial strain to occur in the centre of the specimen.

The effects of bulging are witnessed by the results of the triaxial test. Increases
in the initial modulus of elasticity and peak strength are a product of rough ends, as
well as a less pronounced volume change. These errors, coupled with the uncertainty
of interior localized stress regions give cause for the researcher to promote the use
of free ends. Although practice of lubricating the area between the sample and the
platen has many benefits, the use of these devices is not common to laboratory
triaxial testing. The reason for this is primarily the inconvenience of preparation
and additional time required during the test. Germaine and Ladd [47] provide a
brief synopsis of the advantages and limitations of free versus rough ends as shown
in Table 3.1.

With a knowledge of the effects of free ends on a soil sample, it is evident that
different testing conditions will be instrumental on the degree of influence of these
ends. An initially loose sample will not be as severely affected by barreling and other

localized strain effects. The data resulting from triaxial testing on a dense sample,
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Lubricated Ends

Reasons For Reasons Against Reasons For Reasons Against
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procedures and strain formity at all strain | assemble

levels
simple, efficient | nonuniform excess | reduces strain rate | reduces small strain
drainage pore pressure effects precision
stiff water migration reduces uncertainty | increases consolida-

apparatus for axial

strain measurement

in area correction

tion time

simple cell

geometry

larger strain rate
effect

essential for large

strain behaviour

formation of rup-

ture surfaces

Table 3.1: Comparison of Frictional and Lubricated Ends
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however, will be significantly altered as barreling is difficult to avoid without some
form of lubrication on the soil-platen interface.

While the use of free ends does much to reduce the rigid zone and other localized
effects, its common design can still create an interaction surface and heterogeneity.
Typically in triaxial testing, a hole will be cut in the centre of the free end to allow
for drainage by means of a porous stone. Although the disturbance from this hole
is a relatively small rigid cone and therefore difficult to detect, Colliat-Dangus et al
[44] have characterized the local compactedness of the area with an x-ray scanning
device. Their results show that localized failure does occur, but claim that it does
not significantly effect the ability to determine the overall behaviour of the sample.

The porous stone used in the tests conducted by Colliat-Dangus and coworkers
was typical of that employed in many triaxial experiments, both for design and
research work. Having a much smaller diameter than the sample, the stone either
sits directly against the soil or against filter paper which is placed over the soil. Even
with the inclusion of free ends, the surface between the porous stone and the soil is
not effectively lubricated.

An alternative method of drainage through the free ends was used by the author.
The porous stones available were cut to the same size as the enlarged platens. Ini-
tially, the free ends used were typical of those used in experimental programs such
as that shown in Figure 3.7, designed with a central hole with a diameter of approx-
imately 20 mm to allow drainage. However, it was found that the use of a solid
circular free end with four notches cut approximately 2 mm into the sides (Figure

3.8) could provide adequate release of water pressures using the correct placement of
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filter paper. Although no numerical results were obtained to capture the influence
of the free end design, the decrease in bulging effects was visibly apparent giving a

more uniform cross-sectional area over the sample height.

3.3.2 Design of Free Ends

The use of free ends with the triaxial test has long ago been shown to reduce local-
ized volume change and barreling during the procedure by providing a ‘frictionless’
transition between the sample and the platens [36]. More recently, studies such as
those by Colliat-Dangus et al [44] limited the advantages of free ends to tests on
dense sands. Looser samples exhibit little difference in behaviour when the free
ends are neglected. Despite this, lubricated ends were used for all samples to avoid
discrepancies in the resulting behaviour.

The free ends are formed by cutting latex membrane material and a Teflon sheet
into a circle of the same diameter as the platen. These sheets are then pressed
together with a layer of Dow Corning silicon vacuum grease between them. The
common design of free ends includes a hole about one quarter to one third of the total
diameter cut into the centre of the sheet to provide drainage [48}, [44]. The entire free
end is then subjected to a load of 0.5kN for 15 minutes, increasing to 3kN for the
next 15 minutes and finally a 10kN load for 30 minutes. This ensures the absence of
air pockets between the Teflon and latex, forming a consistant interface between the
two surfaces. In this particular investigation, the centre hole was eliminated in an
attempt to prevent the additional friction source created by the inconsistent surface.

Instead, four notches were cut from the edges with ﬁiter paper wrapped around them



to allow drainage around the sides of the free ends.

3.4 Triaxial Testing

The monotonic triaxial testing procedures implemented in this research generally
followed standard procedures. A great deal of time and practice were required to
learn a consistent method of sample preparation and to further synchronize the
shearing mechanism to achieve reproducible results. The effort proved rewarding
with void ratios, back calculated from final volume measurements, measuring within
0.03 after the completion of saturation and consolidation procedures. The patterns
of the stress and volume change curves were also typical of those expected from
Ottawa sand.

The preparation of the sand specimen is crucial to the outcome of the investiga-
tion due to a need for reproducible results. Care must be taken through all stages
prior to the actual shearing of the sample. These stages involve the placement of the
sand into the mold, proper saturation of the sample, and the application of confining
stresses.

The initial void ratio of the sample must be effectively controlled during testing in
order to duplicate results. The difficulty in producing a consistent density throughout
the sample by the method of placement has lead to a number of different techniques
[49], [50], [51], [52], [53]. These methods include air pluviation; raining dry sand
from a constant height into the mold, wet pluviation; pouring saturated sand into a

water filled mold, vibration and tamping.
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Each of the above methods can be used to prepare a saturated sand sample.
However, various characteristics of the procedures suggest that the ease of prepa-
ration and the accuracy of results are dependent on the desired density and the
employed method. For example, the height of drop for pluviation through air must
be accurately controlled to ensure that the velocity of particles pouring into the mold
remains constant throughout the fill. On the other hand, pluviation through water
requires a much less accurate height of drop because most sand particles will reach
terminal velocity almost instantly in water [50].

Vibration is generally used subsequent to pluviation to increase the density of
the sample. Pluviation, especially through water, will create a ‘loose’ specimen. In
order to achieve a more compact sample, a vibratory table with a constant frequency
and amplitude can be used. In creating reproducible densities, care should be taken
to vibrate each specimen for an equal length of time under identical conditions.

Another common method used to achieve a constant density is wet-tamping. In
this process, the material is wetted to 5—10% water content. It is subsequently placed
into the mold and tamped in lifts until the desired compaction is reached. Because
the lower lifts tend to become more dense with the placement and tamping of layers
above them, Ladd [52] suggested a method called undercompaction. The procedure
involves compacting each layer to a certain percentage of the desired dry unit weight,
with the first lift compacted the least and the top lift generally compacted to 100% of
the desired density. The final product is a sample with a constant density throughout
its length.

Advocates of the tamping procedure claim that its superiority over pluviation
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results from two main disadvantages of the direct pouring of sand [51]. The first is
the segregation of particles when using silts or well-graded sands. This is mostly seen
in the air pluviation methods, as the velocity of a falling particle is dependent on its
mass. The larger grains will reach the mold before the smaller ones, creating non-
homogeneity. Pluviation through water will not show these effects as soil grains reach
terminal velocity almost instantly in water. The second shortcoming of pluviation
is the difficulty in preparing a sample to a specific dry unit weight, preventing the

control of the initial void ratio.

3.4.1 Sample Preparation

In this particular testing program, the method of wet tamping was used. Each
sample was initiated by the determination of a desired void ratio. This void ratio
was based on the required density just prior to shearing, which was adjusted to
account for saturation and compaction effects. Unfortunately, an exact prediction
of the adjustment was impossible, causing difficulties in creating samples of exact
initial densities.

The dry unit weight of sand required was determined from the void ratio. Cal-
culations were performed based on Ladd’s [52] method of undercompaction. The
purpose of undercompaction is to manipulate the layer heights, compensating for
the effects of additional tamping on the bottom layers, so that an even density can
be maintained throughout the sample. It was found, however, that for the desired
specifications of this particular research, the undercompaction adjustments were neg-

ligible. The dry sand was mixed thoroughly with water to obtain a moisture content
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of 8%. The use of water in the making of remoided sand samples prevents the buildup
of static electricity between the particles, thus easing the preparation procedure. The
sand-water mixture was then divided into eight equal portions, placed in water tight
containers and left for one hour to ensure a uniform mix.

The two porous stones used in testing were cut from a 3mm thick sheet of sintered
steel. They were formed to completely cover the enlarged platens, with a diameter
of 89mm. To prevent gasses from entering the enclosed triaxial sample, the porous
steel was boiled in deaired, distilled water for one hour just prior to placement. The
porous stone, free end and filter paper were then placed on the platen of the triaxial
cell base. Generally, the use of filter paper is not necessary for triaxial testing of
sand specimens. Drainage is considered to be independent of time and the grains
large enough to prevent the sample from washing into the porous stone. However,
the Ottawa Sand in the triaxial setup did not exhibit these features. Pore pressure
buildup in the sample occurred most likely as a result of insufficient drainage in
the system. Tests done using various free end and filter paper configurations still
showed evidence of fluctuating internal water pressures. As the Ottawa Sand is
considered free draining, the pressure buildup must come from the triaxial system. It
is possible that some blockage in the tubing, cell valves or volume change transducer
may have been responsible for the reduction in drainage capabilities of the sample.
To compensate, careful use of filter paper around the free ends was used as described
previously. Filter paper was also placed over the porous stone as tests without
showed evidence of sand filtering through the sintered steel and into the drainage
lines. A 76mm diameter latex membrane was positioned around the platen and held
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in place by small elastic bands. The elastic bands were used only temporarily during
sample preparation to allow for a tight seal between the mold and the latex, as the
o-rings did not fit under the split mold.

Vacuum grease was placed on the edges of the split mold to create an air-tight
seal and the mold was secured around the bottom platen. The membrane was then
stretched around the top mold opening and a vacuum was applied to hold the mem-
brane tight against the form.

The first lift of soil was carefully poured into the mold, smoothed and then
tamped in a radial pattern from the centre outwards to a height one eighth that of
the entire sample. The layer was then scarified and the next lift was placed, tamped,
measured and scarified.

Special care was taken during tamping of the top layer to ensure a level, homo-
geneous interface between the soil and the platen. The filter paper, free end, porous
stone and platen were placed on this top layer with an effort made to create an even
contact surface between the soil and equipment. Gentle stretching of the membrane
was required to pull it off of the mold and secure it around the top platen. Two
o-rings sealed the latex membrane to the top platen.

The tubing connecting the top platen and the triaxial cell base were sealed into
the fittings and an internal vacuum of 10kPa was applied to the soil through the
triaxial cell base. This vacuum held the soil in place, preventing density changes as
the mold was carefully removed and the elastic bands on the bottom platen were
replaced by o-rings.

To determine the actual initial density of the soil, three readings were taken of
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each the specimen height and diameter. These measurements were performed with
a micrometer, and were averaged and adjusted for the thickness of the membrane to
find the ‘exact’ volume of sand.

Sealing of the triaxial chamber involved placing a light coat of silicon vacuum
grease on the ends of the Plexiglas cylinder before placing it between the ends of
the cell. These were tightened together and the cell chamber was entirely filled with
water.

Once the cell was full, the line to the water source was detached and connected
to the GDS pressure controller which brought the confining pressure to 10kPa. The
internal vacuum was simultaneously reduced, maintaining an effective stress of 10kPa
on the sample at all times.

The triaxial cell outlets were arranged so that one pressure source could be con-
nected to either the top or bottom of the sample, or to both. A pressure transducer
was also connected to the cell, enabling readings to be taken from the top or bottom

of the sample.

3.4.2 Saturation and Consolidation

Complete saturation of the specimen is required to ensure accurate results of volume
change measurements in triaxial testing. The saturation procedure involves the
initial flushing of the sample and subsequently an increase in back pressure. When
completed, the process provides a sample that has a negligible amount of air voids.
Using the assumption that neither the soil particles nor the water is compressible

with load application, the volumetric strain will be entirely reflected by the amount
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of water going into or coming out of the specimen. The use of CO, to flush the
sample prior to saturation is a technique which facilitates more thorough saturation.
CO; is more soluble in water than air, reducing the time and pressure required to
adequately saturate a soil. The Ottawa Sand was flushed with CO, at a pressure
of approximately 2kPa for 15 minutes before being flushed with water at 2kPa for
20 minutes. The low pressure used to push the gas and water through the sample
ensures minimal disturbance and less chance of the creation of heterogeneity by
means of particle rearrangement and or piping. It is of interest to note that the
author attempted to saturate a sample of Ottawa Sand without first flushing it with
CO,. The length of time required to somewhat saturate the soil more than tripled,
and the back pressure used to satisfy the B-test was significantly higher than that
used in the samples which were previously flushed with the gas.

The application of back pressure will increase the compressibility and the solubil-
ity of air in water [37]. Back pressures in the Ottawa Sand were increased to between
100 and 300kPa depending on satisfactory results from the B-test. The B-test de-
termines Skempton’s B value [54], a parameter which measures the increase in pore
pressure occurring during undrained loading due to an increase in confining pressure.
To perform this test, the valves into the sample were closed, and the change in pore
water pressure measured as an increase in cell pressure was applied. The test causes
little disturbance to the sample as the effective stress remains virtually unchanged.
If, however, the sample is not completely saturated, the effective confining pressure
will increase significantly. Air voids in the sample will prevent the internal pressures

from increasing at the same rate as the cell pressures, and consolidation of the soil
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will take place prematurely. While the B-test reflects the degree of saturation, it
does not measure this value directly. Black and Lee [55] show that for Ottawa Sand,
a B value of 95% corresponds to well over 99% saturation, an amount acceptable in
tests measuring volumetric strains. The triaxial specimens in this experiment held
B values of at least 95% with most of them being over 97%.

The saturation of the sample can cause significant changes in the void ratio of the
soil. Flushing with CO, and water creates a slight shifting of the soil particles, even
when done at very low pressures. If not done carefully, these procedures can cause
piping or large volume changes in the soil. The application of back pressure and
the B-test should theoretically cause no structural breakdown as effective stresses
remain constant. Realistically, uneven application of the pressures, and even a slight
air content in the water or the sample can cause a rearrangement of the soil and
adjust the void ratio.

Back calculations were performed in this research to determine the changes in
density caused by saturation. These effects were found to be significant and therefore
are incorporated into the calculations of void ratio prior to shearing.

Isotropic consolidation of the samples commenced subsequent to the completion
of a satisfactory B-test. Free drainage was allowed, and the volume change trans-
ducer was implemented to measure the void ratio change as consolidation proceeded.
The cell pressure was gradually raised using the ramp using the ramp function of
the GDS pressure controller. Typically, the ramp was set at 2 — 4 seconds per kPa
to prevent pore pressure buildup. At this rate, the confining pressure was increased

- until the effective stress measured 200, 500 or 800kPa, depending on the test re-
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quirements. The sample was then left to consolidate until no further volume changes

were witnessed.

3.4.3 Shearing of the Sample

The ELE Digital Tritest 50 load frame was used to apply an axial force to the loading
piston of the triaxial cell. Prior to the onset of the initial load, the load cell was
reset to zero so that the effects of confining pressures on the loading ram would not
be reflected in the stress measurement. The test was run at a constant strain rate
of 0.05 — 0.10mm per minute (3.25 — 6.5%/hr). The necessity of the low strain rate
was caused by unexpected pressure buildup during shear. It was desired to keep the
changes in pore pressure to within 2% of the effective confining pressure as suggested
by Lacasse and Berre [56]. This is not expected to be of concern in the testing of
sands as they are considered to experience instantaneous drainage [36]. However,
the fine Ottawa Sand did not drain immediately, requiring careful adjustment of the
strain rate. The samples were generally sheared until the strain reached 30%, the
radial strain caused the diameter of the sample to exceed that of the enlarged platens
or constant volume conditions were reached. None of the samples showed evidence
of shear bands or other heterogeneous behaviour with the exception of slight bulging

Upon completion of the triaxial test, the axial strain was ceased concurrent to
the closure of the sample drainage valve. The confining and internal pressures were
then reduced to zero, the cell drained and the triaxial cell base holding the sample
was frozen for a period of 24 hours. After complete freezing, the sample was removed
from the membrane, weighed, dried and weighed again. From the dry and wet mass,



the final void ratio was determined.
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Figure 3.4 Triaxial Cell and Sample (Photograph)
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Figure 3.5 Triaxial Cell and Load Frame
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Figure 3.6 Load Frame and Pressure Controller
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Chapter 4

THE BEHAVIOUR OF FINE OTTAWA SAND

4.1 General

Ottawa Sand is a commercially available quartz sand with rounded grains and is a
standard material used in laboratory testing of granular materials. The determina-
tion of the physical material parameters as well as the behavioural characteristics of
Ottawa Sand provides insight into the development of the proposed stress-dilatancy
model. From this information, all model parameters are determined and their accu-
racy is crucial to the model outcome.

Extensive testing has been conducted on granular materials for purposes of ma-
terial parameter determination. However, the reliable testing of a sand required to
verify the proposed model is not as readily available. Common intentions of triax-
ial results are the independent determination of elastic parameters or peak strength
(Mohr-Coulomb) parameters or, more recently, critical state conditions. Rarely are
these three states extensively explored in one test. A wide range of initial conditions
is preferred to determine the model’s capability to predict material behaviour. Pre-
cise measurements of stress and volumetric changes from initial conditions through
peak behaviour to the critical state were undertaken. The results of these experi-

ments are presented in the following sections.
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Sieve Analysis Specific Gravity | Void Ratio

D,y = 0.235mm, D3y = 0.305mm emaz = 0.74

Dsy = 0.335mm, Dgy = 0.390mm | G, = 2.65

C, =1.66,C, = 1.02 emin = 0.52

Table 4.1: Results of Preliminary Physical Parameter Determination

4.2 Physical Material Parameters

The preliminary testing conducted to determine the physical characteristics of the
fine Ottawa Sand included the measurements of grain size distribution, specific grav-
ity and maximum and minimum void ratios. The plot of particle size is shown in
Figure 4.1. Table 4.1 summarizes the remaining test results where D1, D39, Dso, and
Dgo represent the grain diameters at 10, 30, 50 and 60% passing, respectively. The
C, and C. values indicate the coefficient of uniformity and coefficient of curvature.
Under the Unified Soil Classification System, the material is classified as a rounded
fine uniform sand [54]. The specific gravity, G, of 2.65 is consistent with common
measured values. The expected maximum void ratio, ema- of 0.80 {50] was slightly
higher than the value of 0.74 measured herein; likely due to inconsistencies in the
practiced test procedures. These inconsistencies easily develop between different
laboratories, especially in the determination of maximum void ratio, as the test in-
volves the measured volume of sand after shaking it in a graduated cylinder. The

determined value of minimum void ratio, emi» = 0.52, is typical of measured values.



4.3 Behaviour of Ottawa Sand

The measured characteristics of Ottawa Sand during the drained monotonic triaxial
testing provided results characteristic to those of a uniform fine granular material.
The initial packing and confining pressures of the sand is shown to greatly influence
both the strength and the volumetric responses of the sand. Loose samples showed no
evidence of dilatancy or strain softening while the dense samples portrayed opposite

results of expansion and peak strengths.

4.3.1 Stress-Strain Response

Figures 4.2(a), 4.3(a), and 4.4(a) show the stress-strain response curves of Ottawa
Sand at various initial densities and confining pressures. The plots are typical of
Ottawa Sand at the given void ratios and confining conditions. The much steeper
initial slopes of the curves indicate the much higher strength of dense materials which
also show strong evidence of strain-hardening and softening effects. At 'large’ axial
strains, the critical state is approached and the three curves converge to the constant
volume stress value, (01/03),,. The initial density also seems to influence the rate of
strain hardening with the highest value corresponding to denser states.

The influence of confining pressure is not as great on the stress-strain curves as
that of initial density. However, with increasing cell pressures the initial slope of
the principal stress ratio, the peak stress ratio declines. Thus, an elevated confining

pressure results in an apparently weaker material.



4.3.2 Volumetric Strain Response

Volumetric strain is plotted against axial strain in Figures 4.2(b), 4.3(b), and 4.4(b).
Dilatant behaviour is obvious in the dense sands while contraction is prevalent for
the looser materials. Samples sheared from void ratios close to that of critical expe-
rience little change in volume during testing. It is of interest to note the path these
sands follow when they experience volume change. Contraction occurs initially in
all samples as particle rearrangement occurs and the contact forces are established.
From there, the loose sands continue to densify as the axial strain is applied until
the constant volume is reached. The dense sands quickly reach a minimum vol-
ume and thereafter begin to expand as a result of grain overriding. The volumetric
strain curve reaches a maximum slope at a point which is close to or at peak on the
stress-strain curve. The slope then gradually reduces and strives towards achieving
a zero value. Had the test continued, this slope would have eventually exhibited a
horizontal trend, a common critical state characteristic.

The medium dense sands tested in this program were prepared at initial void
ratios close to the critical values. Observation of the experimental results show
that they experience very little volumetric strain throughout the triaxial test when
compared to the loose and dense samples. For example, the medium dense sand
tested at a confining pressure of 800kPa has an initial void ratio of 0.639, almost
equal to the critical value of 0.637. Theoretically, even though the initial void ratio
is at its critical value, the material is not at critical state since there is no shear
stress and the mobilized friction angle ,iom, is not equal to the constant volume

friction angle, ¢.,. Hence, as the material is sheared measurable volumetric strain
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(Figure 4.4(b)) shows initial contraction followed by dilation with the void ratio
finally reaching its critical value. The volume change curves of the loose material
seem to maintain a horizontal slope at a much lower axial strain than the medium
dense material. However, the actual volume change that the loose sands exhibit is
much greater than that of the medium dense sands. An explanation of this could be
that the energy required to move the grains against the confining pressure to cause
even a slight amount of dilatancy is much greater than that needed to move the
grains in the direction of the confining pressure.

The volume changes experienced by Ottawa Sands are also influenced by confining
pressure. As the cell pressure becomes greater, dense sands produce less dilation.
Loose sands also reflect the same trend, compressing with shear as the confining

pressure is increased.

4.3.3 Dilatancy

The stress-dilatancy relationship also shows trends consistent with expected granular
material behaviour. The plots shown in Figures 4.5 through 4.7 give a clear picture
of dilatancy evolution for each test. Based on the definition of dilatancy D as being
(1 — deP/de?) with volume expansion represented by negative values of de?/ds], a
dilatancy value less than one describes contractive behaviour. The loose material
remains in this region through the duration of shear application. Alternately, dense
particulate materials will achieve dilatancy values both below and above unity as
they experience contractive and expansive stages.

The direct measurement of dilatancy cannot be taken during the triaxial test.
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It is instead calculated from the slope of the plastic volumetric strain versus the
plastic axial strain curve. Mathematical difficulties in defining this slope are caused
by sensitive measurements in that the changes in strains, while following a general
curve, are not uniform from one set of readings to the next. If, for example, the
change in plastic axial strain between readings is zero, the solution for dilatancy is
undefined. Graphical definition of the plot of plastic volume change against plastic
axial strain is also a complicated task as polynomial curve fitting procedures can
estimate the shape of the curve but do not accurately depict the slopes. Large
discrepancies result from using these methods to determine dilatancy, even with
large order polynomial estimation. In this research, the best results of dilatancy
curves were observed when calculating strategic positions, such as initial, maximum
and final slopes, of the plastic volumetric strain curves independently. Although the
entire dilatancy plot is not captured, a depiction of the curve is achieved which is
adequate for comparison with the determined model values as presented in Chapter

six.

4.3.4 Summary of Results

Table 4.2 summarizes the triaxial test conditions and results given in terms of con-
fining pressure o3, initial void ratio e,, void ratio at failure ey, critical void ratio

e, principal stress ratio at failure (%;»)f and principal stress ratio at critical state

a1
o3 CIJ.



o e e e &), @)
200 0.693 0.664 0.664 3.20 3.20
500 0.684 0.647 0.647 3.25 3.25
800 0.690 0.637 0.637 3.28 3.28
200 0.642 0.642 - 3.45 -

500 0.639 0.649 - 3.43 -

800 0.639 0.639 - 3.39 -

200 0.528 0.559 - 4.20 -

500 0.537 0.564 - 4.10 -

800 0.535 0.564 - 4.04 -

* critical values were determined for loose samples only. The
remaining tests did not reach reliable critical conditions prior to

completion.

Table 4.2: Table Triaxial Test Results
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4.4 The Influence of Free Ends

The necessity of free ends in triaxial testing has been previously discussed in this
thesis. Although free ends were incorporated in all experiments used to calibrate the
modified stress-dilatancy model, the experimental program also included procedures
which omitted the use of lubricated ends. The purpose of these tests were to provide
insight into the influence of lubrication on the stress-strain-volumetric characteristics
as well as the dilatant behaviour of granular materials.

The interaction between the platens and the soil in samples with initially high
void ratios does not greatly affect the strength measurements of the samples. Volume
changes in these specimens show consistent contraction with no dilatant behaviour
exhibited. The contraction mutes the effect of the rigid ends as the radial extension
against the platen is much smaller than in the case of dilation. Observation of the
volumetric strain for the loose sample in Figure 4.8(b) gives an indication of the
slight effect that the use of free ends has on a loose sample. The compaction of the
rough end specimen is minutely constricted when compared with the lubricated end.
It is obvious that the use of free ends is not of great concern in the triaxial testing
of low density samples.

The importance of free ends becomes significant when viewing the comparative
figures for a dense sand (Figure 4.9(b)). The predominantly dilatant behaviour
causes potential for a large interactive localized stress zone between the platen and
the soil surface. As the increase in volume is reflected only in radial movement,
the soil has to move considerably farther against the platen than for a loose sand,

creating frictional effects such as bulging. The frictional effects are reflected in both
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the stress and volumetric behaviour. Figure 4.8(b) displays the stress-strain curves
for dense sand with and without free ends. While the initial slopes of the curves
appear to be similar, the absence of lubrication promotes an exaggerated effect on
both the peak strength and on the strain-softening of the soil.

The greater stress required to fail the sample results from the interaction between
the platen and soil. The apparent increase in strain softening is likely due to the
localization of failure around the sample ends. This requires a lower residual stress
to cause the large axial strain as the overall strength of the soil is reduced.

Restrictions to the ends of the dense soil during shear also result in reduced
volumetric effects. The volumetric strain for both lubricated and frictional ends is
shown in Figure 4.9(b). Both the contraction and expansion portions of the curve
are hindered by the frictional ends. Heterogeneity is once again evident as the soil is
restricted, bulging occurs and local conditions govern the behaviour of the sample.

In summary, it can be said that the differences in volumetric strain curves ex-
hibited under different end plate conditions can be attributed to the influences of
end constraints. For example, if rough end plates are used, the soil particles have
reduced freedom of movement at small strains (or small shear stresses) while trends
of localized deformation are accentuated at ’large’ strains.

The dilatancy plot comparisons (Figure 4.10) of the rough and free ends show
typical results expected from volumetric strain curves. As the slope of the volume
change is consistently less for the frictional ends than for the lubricated ends, the
deP /ds? term in the dilatancy expression is also less. It follows that for values of
dilatancy less than unity, the frictional ends will be more dilatant, while for values



greater, these ends will be less dilatant than the free end samples.

4.5 Membrane Correction

The influence of the membrane on experimental results can be, in many cases, quite
substantial. For this reason, correction factors can be implemented to ensure accurate
results. The two major effects caused by the use of a membrane in triaxial testing are
membrane penetration and additional stress application. The former effect causes a
slight offset in the volumetric strain due to the pressure applied on the outside of
the membrane causing it to push into the voids around the exterior of the sample.
The volume of water expelled from these areas will influence the values of volumetric
strain.

Linton et al. [57] suggest a crude calculation intended to describe the depletion

of water due to membrane penetration

. Dm 1 T
Gy =4 (2 12-cos30°) (41)

where &, is the volumetric strain due to membrane penetration, Dy is the diameter
of the grains at the 10 percent finer mark of the grain size distribution curve and
D is the diameter of the sample. It is based on the voids caused by a hexagonal
close-packed structure and is influenced only by particle size and diameter of the

sample.
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Using Equation 4.1, a three inch diameter sample of Ottawa sand with a D,g
of 0.235 mm exhibits a 0.0025% offset on the volumetric strain due to membrane
penetration. In comparison with the measured values of volumetric strain, this
correction factor is very small and can be considered negligible.

The effects of membrane inflicted stress on the sample are also minimal. The
calculation of the initial confining pressure which is exerted on the soil as the mem-
brane is first positioned, p.m, is dependent on the modulus of the membrane, M, the
diameter of the specimen, d,, at the end of consolidation and the initial diameter of
the membrane, dim (58]

do — dim

o%im

From Equation 4.2, the stress inflicted on the experimental triaxial specimens is
exfremely small. This results from the use of a membrane with a fairly low modulus
and a diameter close to that of the sample.

La Rochelle et al. [58] also suggest methods for calculating the influence of the
membrane on two common type of failures. As the peak stress is reached, the sample
will exhibit either a bulging type failure or a shearing failure, or a combination of the
two. A solution for each of these failure modes is included in La Rochelle’s [58] paper.
The triaxial tests carried out in this program show mainly bulging as failure occurs
with very little shearing evident. Once again, the effects on stress were negligible.
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Chapter 5

DESCRIPTION OF MODIFIED

STRESS-DILATANCY MODEL

5.1 General

The shortcomings of Rowe’s (2] 1962 stress-dilatancy theory, as presented in Chapter
two, become evident when comparing it to experimental results. The omission of
material characteristics such as pressure and density dependencies, strain softening,
peak and post-peak behaviour and stress induced anisotropy results in a simplified
description of granular material dilatancy. However, the use of the equation requires
only the value of the constant volume friction angle and the mobilized friction angle.
Since this initial attempt to describe granular material behaviour, variations have
been presented which incorporate the above mentioned characteristics ([6], [59], [60],
[61], [62]). The limitations of these models have prevented their widespread use, as
each one either omits relevant material characteristics or becomes too complicated
to be advantageous.

A relationship has recently been developed [7] which incorporates pressure and
density and strain hardening and softening effects. While the use of stress-induced
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anisotropy of the influence of cyclic loading are not considered, a balance between
simplicity and accuracy must be achieved in a functional constitutive model. This
chapter presents the model, as well as the development of the required parameters.

Chapter 6 then compares the model results with the experimental plots.

5.2 Modified Stress-Dilatancy Model

The purpose of Wan and Guo’s (7] 1996 constitutive model for granular soils is to
provide a method of accurately describing material behaviour by using a reasonable
number of easily determinable parameters with clear physical meaning. The equa-
tions presented herein are those suggested and developed by Wan and Guo (7] using
concepts of coupled plastic hardening-softening and stress-dilatancy to capture the
effects of void ratio and stress level on granular responses. The stress-dilatancy re-
lationship takes into account the slip and overriding of soil particles but does not

include particle rotation in the consideration of plastic volume changes.

5.2.1 Deformation Characteristics

The framework of the model incorporates non-linear elasticity and the plastic flow
rule to separate total deformation rates, &, into respective elastic and plastic incre-

ments, &° and &7, i.e.

E=+& (5.1)

The plastic volumetric strain rate, £2, which result from Equation 5.1 is further
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split into volumetric, éﬁ(c), and deviatoric, éf,'(,), proportions such as

v

The subscripts c and s in Equation 5.2 represent components of the plastic strain
due to compaction and to shearing, respectively.
Calculations of elastic shear strain are performed using a non-linear form of the

relationship between shear stress, 7, and elastic shear strain,y, i.e.

v =71/G;G= Go£2——1+_)\/1—) (5.3)

Notice that the above Equation 5.3 is dependent on both void ratio, e, and mean
stress level, p. The mean stress level is an expression used to describe an average
stress condition exerted on the soil as p = (0,4+203)/3 with o; and ;3 representing the
major and minor principal stresses, respectively. Recall that in conventional triaxial
stress conditions, the intermediate stress is equivalent to the minor stress and the
lateral pressures can be grouped together as 203. All stresses are considered to be
effective as the drained testing does not allow pore pressure buildup. The G, term
is a constant used to define the shear stress at very small strains. The relationship
given in Equation 5.3 is well-known as it was first introduced by Hardin [63] based
on tests performed in the small strain regime (¢ ~ 10~%). Since then, there have
been a number of other relationships (all derived by experimental results) proposed
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in the literature, see Iwasaki et al. [64]. Recently, some theoretical support has been
given to justify the mean stress dependency on the shear modulus. Goddard [65]
suggested that at low stress levels, the dependency of mean stress is closer to p’z‘

until, at a transitional confining pressure, p*, the dependency becomes closer to p%.

5.2.2 Failure Surface

The shear failure mechanism is described using a Mohr-Coulomb failure surface, F,

as

F=01;0’3_(01';03)sm¢=0 (5.4)

with ¢ as the friction angle.
The peak and constant volume (critical) states are individually defined by the

application of the respective friction angle values, ¢y and ¢, into equation 5.4.

5.2.3 Yield Surfaces

In the same manner, the shear yield surface, F, is expressed by employing the

mobilized friction angle, ¢,,, in equation 5.4 as

=" ;as _ (01 -;-0’3) singp, =0 (5.5)

The evolution of the mobilized friction angle defined by some hardening law

eventually describes the isotropic expansion or contraction of the surface F, in the



stress space.
On the other hand, the compaction yield surface is simply described by a cut-off
surface which is expressed as

F=p—p,=0 (5.6)

in which py provides a limit to the isotropic compaction of the soil dependent upon

accumulated plastic volumetric strains.

5.2.4 Flow Rules

As discussed previously in Chapter 2, the use of associated plasticity in the charac-
terization of granular material behaviour leads to an overestimation of plastic volume

changes. For this reason, a non-associated flow rule of plasticity theory

0

_ 1,9Qs
de? = dAE! (5.7)

is used to calculate plastic shear strain increments, de? , in which dX is the plastic
multiplier and Q, is the chosen plastic potential function

Qs = (61— 03) — (01 + 03) sin ¥, (5.8)
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in which ¢, is the mobilized dilatancy angle calculated from a stress-dilatancy equa-
tion.
On the other hand, plastic compaction, ds’(c), is calculated by the use of the

v

associated flow rule

de? = dA‘;—i- (5.9)

as plastic isotropic consolidation is well estimated by this means. In this case, the
plastic potential function, F, is defined in the same manner as the Mohr-Coulomb
yield surface in Equation 5.5.

5.2.5 Modified Stress-Dilatancy Equation

Rowe’s original stress-dilatancy equation is written as

R=KD (5.10)

and relates the stress ratio, R, a value representing the ratio of major and minor
principal effective stress, to the dilatancy term, D = 1 — deB/de} by a constant
K = tan®(7/4 + ¢ /2).

Another convenient way of expressing equation 5.10,

sin @, —8inpq

= 1
1 — sin @ sin Yey (5:11)

sin ¥,
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involves the mobilized friction angle, ¢, dilatancy angle, ¥,, and the constant
volume friction angle, ¢,.

To integrate the effects of void ratio and pressure changes into Equation 5.11,
Wan and Guo [7] used a ratio of the current to critical void ratios, e/e.., a term

which envelopes both of the above factors as follows

Sin g — () sin g
1- (é)csm‘l’m sin ey

Sin Ym = (5.12)

The material parameter a determines the degree to which the constant volume
friction angle, ¢, is corrected for density effects. The incorporation of confining
pressure dependencies are indirectly related through the values of e.., the elastic

shear strain and the yield surfaces. The current void ratio is found by combining the

distortional volume changes with hydrostatic compaction as given by

e = e, exp [— (}%) m] (5.13)

with e, as the initial void ratio, p as mean pressure, and k; and m as material
constants found from experimental data. The critical void ratio is determined from

the exponential relationship

€er = €cro EXP [- (ﬁ-) n’] BRCED
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dependent on the pressure, p, and the critical void ratio at very small confining
stresses, e..,, usually assumed to be equal to the maximum void ratio, en... The
he and n. values are material constants. It can be demonstrated the e/e., term
becomes equal to one at constant volume state, the condition applied to Rowe’s
stress-dilatancy equation. Indeed, Equations 5.11 and 5.12 become identical as the

effects of current density are ignored.

5.2.6 Hardening and Softening

The hardening and softening mechanism is controlled in the mobilized friction angle

relationship with the use of void ratio, e, and plastic shear strains, 4? as
-3
7 (::) i
=——<—gin (5.15)

with a and § as material constants measured by simple triaxial testing. Both harden-
ing and softening effects are incorporated by the void ratio factor, e/e... Peak states
are achieved when the current void ratio, e, is greater than the constant volume void

ratio, e... Subsequently, as the two values become closer, softening is demonstrated.

5.3 Determination of Model Parameters

The laboratory test results presented in Chapter four are highly significant in model

parameter determination. The measured values of initial and final void ratios, stress,
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G, = 2750kPa | v =0.29 €cro =0.74 | oo = 32°
a = 0.004 a =1.69 =13 h; = 426.8M Pa
m = 0.43 hey =2867TMPa | n, = 232

Table 5.1: Model Parameters for Ottawa Sand

strain, volumetric strain and confining pressures used together with the equations
from the preceding section provide the 11 model parameters. These parameters
can be classified into three groups describing elastic behaviour, shear dilatancy and
compaction characteristics. The determined values are summarized in Table 5.1 and
further elaboration on the methods used to obtain the parameters is given in the

subsequent sections.

5.3.1 Elastic Parameters

The non-linear elastic portion of strain is measured to separate the elastic and plastic
strains. The values of Young’s Modulus and Poisson’s ratio are computed at very low
axial strains, between 0 and 0.5% after adjustment for seating errors. The assumption
that Poisson’s ratio remains constant allows an average value to be used to convert
the initial Young’s modulus into the initial shear modulus using the relationship
G=E/2(1+Vv)

With various initial shear modulus values for given void ratio and pressure con-
ditions, the constant G, can be calculated with Equation 5.3. The value of G,
determined by this method, was found to be very low for an Ottawa Sand. This
can be explained by the inaccurate methods used to measure the small strains. An
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external linear displacement transducer was attached to the loading ram of the tri-
axial cell in the experimental program. This, coupled with the need to measure axial
stress and strain behaviour up to constant volume conditions reduced the sensitivity
of the small stress and small strain measurements.

Adjustment to the value of G, from the measured 1250kPa to the model value
of 2750k Pa which is compatible with taking the initial unloading modulus produced
more accurate theoretical curves. Had the measurement of small strains been possi-
ble, it is likely that the G, value used in the model could have been more effectively
backed by the experimental program.

The critical void ratio at very low confining pressures, e.,, is simplified to the
maximum void ratio, en.., as determined by the physical material testing. The
parameters h., and n., describing the dependence of critical void ratio on stress
level, are found to be 2867M Pa and 0.232, respectively, by taking the double log of

equation A.1 as follows,

In (In(ecro/€cr)] = —Ner In(p) + ner In(her). (5.16)

The development of this expression, and the corresponding plots of the experimental
values are given in Appendix A. Because constant volume conditions are achieved
only by the loose material in the experimental results of this research, the critical
void ratios and corresponding confining stresses used are from these data only.

The friction angle at constant volume conditions, ¢, is also taken from the
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results of loose sands. The value of 32° is calculated from the following relationship

(:—;)w = tan? (g + -‘32"—”) (5.17)

where the (0y/03),,value is determined directly from the stress ratio at constant

volume conditions of the tested loose Ottawa Sand.

5.3.2 Shear Dilatancy Parameters

The parameters a, a and 8 govern the shear dilatancy behaviour. The influence of a
and S are seen in the hardening-softening mechanism (Equation 5.15). The solutions
of these constants can be found by imposing peak conditions on the equation. This
is represented in two ways; by replacing siny,, with siny, and by equating the slope

of the mobilized friction curve to zero with the expression

d(sin pm) _
=0 (5.18)
The resulting two equations,
. ,yp -3
e _ X (e—’) (5.19)
singey, G+ \€or
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and
B0+ e)(ew)(7) S P
ey — B(L + €o)(€cr )7} Sin Yrmax

(5.20)

can be solved simultaneously with sinypac = (—de?/dy?);.

The a and B values resulting from the solutions of the above equations did not
result in accurate mobilized friction angle plots when compared with the measured
curves. The values were subsequently adjusted to a = 0.004 and 8 = 1.3 to provide
a closer representation of the experimental values.

The a parameter controls the degree of influence that void ratio holds on the
modified stress-dilatancy relationship. It is determined by relating the mobilized
frictional angle with the mobilized dilatancy angle in Equation 5.12. By manipulating

this equation, and taking the log values of both sides, a is given by

a=—BX  ihx

sin Pm — 5in¢m
~ log(e/ear)

= (1 — SiD 9 SIN Y SID Po

(5.21)

Because the mobilized values of the friction and dilatancy angles, ¢,, and ¥,
did not yield satisfactory parameter values, the peak measurements, ¢; and 1y, were
instead substituted. These offered a better description of a, producing more accurate
theoretical predictions. The determination of a = 1.69 by the linear relationship in

Equation 5.21 is given in Appendix A.



5.3.3 Compaction Parameters

The cap parameters h; and m were taken from the volume changes during the hy-
drostatic compaction of the samples prior to shear. The double log of Equation 5.13
was calculated to determine isotropic volumetric changes with confining pressure.
The calculated values of h; = 426.8 M Pa and m = 0.43 are determined in Appendix
A.



Chapter 6

STRESS-DILATANCY MODEL VERIFICATION

6.1 General

This chapter compares the theoretical and measured responses of the Ottawa Sand
behaviour in conventional triaxial stress conditions. Wan and Guo (7] have previously
evaluated the capability of the model with promising results using the published
data of authors such as Cornforth [66], Bishop and Green [67] and Lee and Seed’s
[45] extensive article on the behaviour of Sacramento Sand. However, incomplete
information provided in these publications gave need for an experimental program
designed exclusively for the particular material parameter determination.

The parameters calculated in the previous chapter are used to obtain the pre-
dicted responses of the stress and volumetric characteristics of fine Ottawa Sand.
These responses are then compared to the measured experimental curves given in

Chapter four.

6.2 Model Responses

The presentation of the model validity is given in this section. Special care must be

taken when attempting to calibrate the model due to the complicated interactions

97
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and dependencies of the parameters. Each of the parameters governed by plastic
behaviour is automatically dependent on the initial shear modulus constant, G,, as
this is used to characterize the plastic strains of the experimental data. Because the
calculation of the mobilized friction and dilatancy angles are each based on plastic
measurements, the model values of these material characteristics become dependent
on many variables. For example, the determination of the dilatancy angle, ¥, as
given by

sin P — (—’-)a sin ey

€er

sin Y, = (6.1)

C1- (é)asimpmsin(pw
varies either directly or indirectly with all of the 11 parameters a, 8, a, Yo, Go, v,
hery Nery hi, m and e.r,, most of which are also interrelated.

It becomes obvious that the complicated interaction between the parameters
cause a ‘chain reaction’ through the calculations of model responses, causing the
balance of variables which describe the predicted model behaviour to become a diffi-
cult process. However, this inter-dependence of material parameters has the benefit
of allowing an accurate prediction of sand over varying void ratio and confining

pressure ranges using only one consistent set of material parameters.

6.2.1 Stress-Strain-Volumetric Responses

The comparisons of predicted with measured behaviour of fine Ottawa sand are
shown in Figures 6.1, 6.2 and 6.3 for confining pressures of 200, 500 and 800kPa
respectively. The first plot of each figure displays stress ratio against axial strain,

while the second shows volumetric strain with axial strain.
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The constitutive model depicts reasonably accurate curves describing granular
material behaviour with pressure and density dependencies. In viewing the compar-
ison of stress-strain relationships, discrepancies arise in the initial slope of the curve.
The model estimates a stronger material than the measured values allow, creating
premature peaks in the curves. The model prediction also exaggerates the effects of
strain-softening in the dense sand.

The volumetric predictions are also reasonable when plotted along with the ex-
perimental values. The differences in the two sets of curves cannot be corrected with
alteration of the parameter values, as the attempted adjustment of these constants
merely results in the movements of all the curves, see Figures 6.2 and 6.3. This is
due to the previously mentioned interdependence of the model parameters.

The differences in the experimental and theoretical curves stem from both lab-
oratory error and model simplicity. Although great care was taken to achieve ho-
mogeneous, reproducible results in the experiment, the testing program and applied
corrections could not compensate for every possible discrepancy. The use of free
ends did much to prevent localized behaviour, but could not completely eliminate
the bulging effects. The method of area correction was indirect, using external mea-
surements of axial strains together with volumetric strains to calculate the lateral
movements assuming its equality in both the intermediate and minor principal di-
rections.

The constitutive model parameters which are determined from the experimental
data are also responsible for the discrepancies between the measured and calculated

curves. The three parameters with the most influence on the model outcome are G,,
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a and f. The elastic shear modulus constant, G,, is used initially to separate elastic
and plastic strains from the total experimental values. It is also implemented in the
determination of elastic strain in the model. In this way, the theoretical curves are
twice dependent on the value of G,.

The mobilized friction angle parameters, a and 3 also control the model outcome.
The calculation of mobilized friction angle, sin ¢, as given by

A\
sin g, = %%—siww (6.2)

is affected by a, 3, 47 and the current to critical void ratio. Later work with the
model showed more accurate responses and better agreement with experimental data
when the value of @ was made dependent on void ratio. At this stage, the modifica-
tion has not been included and was deemed outside the scope of this thesis. However,
the desire to keep the number of parameters to a minimum and the relatively sat-
isfactory results with the constant a value gave reason to leave the parameter as it

was originally determined.

6.2.2 Stress-Dilatancy Responses

The predicted responses of the stress-dilatancy relationships are shown in Figures 6.4
through 6.6. The loose and medium dense behaviour is depicted well by the model,
however, the tests which experience a high degree of dilatancy show some anomalies.

The sensitivity of the dilatancy factor, D, is quite high as the measurement of the
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slope is dependent on the volumetric strain curve. While a fairly close fit of the
volume change characteristics can be easily achieved, it is difficult to recreate its
respective slope everywhere on the curve. The large dilatancy causes the slope to
reverse sign in the dense curves and creates a much more sensitive slope than the
loose curves exhibit. This leads to greater room for error in the analysis of the
dense material. Overall, the dilatancy response curves fitted quite reasonably with
the experimental data capturing the essential features over a range of initial void
ratios and confining pressures. It is emphasized here that trying to match exactly
both volume change curves and their respective slopes with only one set of material
parameters constitutes very tight fitting conditions and can be an intensely difficult

exercise.

6.3 Further Model Predictions

The model can be extendend to predict stress-strain-volumetric behaviour under
extreme void ratio and confining pressure conditions. Figure 6.7 is the calculated
response of a very loose sand at confining pressures ranging from 50kPa to 3M Pa.
The material becomes more ductile with increasing confining pressure with all the
curves tending toward the same critical stress ratio corresponding to critical state.
The influence of pressure on the volume change characteristics is quite evident
(Figure 6.7(b)), with a much lower critical void ratio reached at very high confining
stresses. Dilatancy plots of the model prediction of loose sand are shown in Figure
6.9(a). Once again the behaviour of the sand becomes more like that of a ductile
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material as the confining pressures increase.

The corresponding behaviour of dense sand as generated by the model is shown in
Figure 6.8. As confining stresses are increased, the material behaviour becomes more
ductile with a decreasing trend for the peak stress ratio value. Moreover, the peak
and strain-softening segments of the stress-strain plots are eliminated at pressures of
10M Pa. Also at this pressure, dilative volume changes are muted as the high contact
forces between the sand grains do not allow for much expansion of the sand mass
as a whole. The dilatancy plots also show the sand to exhibit behaviour of a looser
sand with pressure increase (Figure 6.9(b)). The dilatancy factor, 1 — de2/de}, is
greater than two at a confining pressure of 50k Pa but does not achieve values much
greater than one at 10M Pa.

The trends of the Ottawa Sand given by the model at very high confining pressures
may not be an accurate depiction of the granular material behaviour observed in
experimental testing. The model predictions are based on the premise that the
individual grains remain intact during sliding throughout the loading regime. High
external pressures however, may cause the contact forces between grains to become
greater than the strength of the individual particles. Crushing of the grains would
result, and measurements of the strength of the experimental sand would be less
than the apparent strength of the model sand.
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6.4 Conclusions

The interpretation of the model predictions of the behaviour of fine Ottawa Sand

can be summarized as follows:

1. Predictions of Ottawa Sand behaviour in the stress-strain and volumetric strain
plots captures the trend of the measured experimental values. However, the

model is less capable of representing stress-dilatancy behaviour.

2. The inclusion of particle slip and override considerations in the model is suffi-
cient to describe the behaviour of the Ottawa Sand under compressive conven-
tional triaxial conditions. If the testing involved a change in principal stress
direction however, the influence of particle microstructure and rolling effects

may require the modification of the model.

3. The integration of the parameters and their dependencies on one another create
difficulties in the model calibration as the adjustment of a single variable will

be echoed in both the stress and volumetric responses of the model.

4. The sensitivity of a model representation of the slope of the plastic volume
change curve suggests that although the modified stress-dilatancy relationship
is an adequate means to extract theoretical stress-strain-volumetric charac-
teristics of granular materials, a direct stress-dilatancy response is difficult to

recreate.

5. The constant, a, used in the calculation of the mobilized friction angle, would

better represent the experimental data if it was made a function of the ratio
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[ ]
of current to critical densities, (é) .

. Predictions of Ottawa Sand behaviour outside the experimental testing agenda
show typical results, with both the loose and dense samples becoming more
ductile with increasing confining pressures. The stress values at high strains
tend to reach critical state values regardless of the confining pressures. Vol-
ume change however, is highly dependent on the surrounding stresses, with

increasing stresses leading to greater contractive tendencies.
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Figure 6.1 Comparison of Model and Experimental Behaviour of Ottawa Sand:;
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Figure 6.5 Comparison of Model and Experimental Behaviour of Ottawa Sand;

R - D Plots, 63 = 500kPa
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Figure 6.6 Comparison of Model and Experimental Behaviour of Ottawa Sand;

R - D Plots, 03 = 800kPa
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Figure 6.7 Model Prediction of Loose Ottawa Sand Behaviour at Various

Confining Pressures
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Chapter 7

EXPANSION OF TESTING TO CYCLIC

LOADING

7.1 General

The decision to expand the triaxial testing program to incorporate cyclic loading
stemmed from a desire to eventually modify the constitutive model discussed in
Chapter five to integrate the effects of cyclic loading on the behaviour of granular
materials. The ability to ensure an accurate depiction of this behaviour is depen-
dent on an understanding of evolution of the cycles in terms of changes in behaviour
with void ratio and confining pressure including shakedown and runaway condi-
tion requirements. Although complicated, a model capable of defining cyclic, low
frequency volume changes in granular materials will be of great value to the geotech-
nical engineering field. A notable example is the case of retaining walls imposing
low frequency cyclical loads on to the backfill material due to the action of repetitive
cooling and heating from the environment.

Extensive cyclic testing has been carried out in recent years for the purposes of
understanding liquefaction behaviour. These tests were generally performed at lngh
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frequencies and/or under undrained conditions to allow for the pore pressures to
build up in the sample. Once these pore pressures approached the applied confining
pressure, failure would occur as effective stresses tend to zero. Although earthquake
loading is often an important factor when considering granular material strength,
another form of cyclic loading is beginning to be considered with some interest.
Low frequency loading, while not generally responsible for catastrophic failures like
those caused by earthquakes, can create subtle volume changes and, over time, may
damage or even fail the affected structures under the complete absence of any pore
pressures. It is not a strength failure as with liquefaction, but instead a deformation
failure resulting from a long period of reoccurring movement which induce a change
in microstructure in the material. Caused by such things as temperature and other
climate effects and vehicular traffic, low frequency loading is relatively obscure and
can initially occur subtly without recognition.

The aforementioned conditions, shakedown and runaway, are used to describe
stable and unstable soil behaviour in both stress and strain controlied cyclic loading.
Shakedown defines the condition where the sample densifies and becomes stronger
with cyclic load application, eventually reaching a state in which the volumetric
expansive portion of each cycle equals the contractive portion. The net volume
change per cycle becomes zero and further changes in energy input requirements are
eliminated. Runaway conditions are opposite, as an unstable state will cause the soil
to continue to experience volume changes as plastic deformations accumulate with
increasing number of cycles. Runaway behaviour is generally expected for cyclic
testing in which the cyclic loading begins after strain-softening is exhibited by the
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sample. As strain-softening occurs, the sample is more prone to an accumulation of

plastic strains over the cycles, thus leading to an unstable condition.

7.2 Modification of Triaxial Testing to Incorporate Cyclic

Procedures

The sample preparation techniques used in the cyclic loading program were identical
to those used in the monotonic loading regime. The differences in the experimental
agenda were reflected in the need for a stress-controlled load application which could

be slowly cycled for longer time periods.

7.2.1 Testing Objectives and Specifications

The testing program for cyclic loading involved a reduction in the variety of initial
specimen conditions to allow for a more comprehensive understanding of the effects of
cyclic loading on the Ottawa Sand samples. The mid-range void ratio and confining
pressure tests were eliminated, leaving loose and dense samples, each confined to
200 and 800k Pa prior to shear. A monotonic loading pattern was used to strain the
soil up to a strategic point on the axial strain curve before switching the loading
to a cyclic pattern. This pattern proceeded until it became evident that shakedown
conditions would occur.

Figures 7.1 through 7.4 show the condition of the sand at the commencement

of cyclic loading. Four tests were carried out dense sands, and two on the loose



Test # | o3 | Strain Position | e, €o(cyciic) | Figures
1 200 1 0703 | 0684 | 7.1,7.8
2 200 4 0693 0662 | 7.1,79
3 800 1 0.689 | 0.670 | 7.2, 7.10
4 800 4 0.683 | 0.650 | 7.2, 7.11
5 200 1 0.547 | 0.542 |73,7.12
6 200 2 0.545 | 0.557 |7.3,7.13
7 200 3 0.551 | 0.566 | 7.3,7.14
8 200 4 0.537 | 0.580 | 7.3,7.15
9 800 1 0.548 ( 0.543 | 74,7.16
10 800 2 0.540 | 0.545 | 74,7.17
11 800 3 0.540 | 0.560 | 7.4,7.18
12 800 4 0.537 | 0.574 | 7.4,7.19

Table 7.1: Summary of Cyclic Trialxial Testing Conditions
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sands with the two different confining stresses, 200 and 800k Pa, used for each test.

Table 7.1 provides a summary of the conditions of the sand prior to cyclic loading.

The 12 testing conditions are described by confining pressure, o3, the position of the

commencement of cyclic loading along the axial strain axis as given by the numbered

values, 1 to 4, in Figures 7.1 - 7.4, the void ratio of the sample prior to the monotonic

loading, and the void ratio of the sample just prior to the commencement of cycles.

The respective Figures which display the strength and volume change characteristics

of the specimens are also named in the final colurnn of Table 7.1.
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Figure 7.5 better describes the soil conditions before cyclic loading. Points 1, 2,
3 and 4 are the strategic positions on the stress-dilatancy plot chosen to represent
initial soil conditions.

The change in loading pattern on the loose samples was begun at two stages.
One at approximately 2% axial strain (point 1), where contractive volume changes
were quite high, and one at approximately 20% strain (point 4), at constant volume
conditions. These two locations were considered adequate for the loose material,
as contraction occurs throughout the monotonic loading regime. The dense sand
however, required four tests due to the more complicated nature of dilatant behav-
jiour. Cyclic loading commenced at approximately 1, 3, 5 and 17% to attempt to
capture initial contraction (point 1), initial dilation (point 2), near peak (point 3)
and constant volume (point 4) conditions, respectively. It should be noted that the
peak condition does not necessarily correspond to maximum dilation as the influence
of elastic behaviour and material structure are omitted in the measurement of dila-
tancy. At the onset of load reversal, the stress was reduced completely and brought
to the lowest possible stress on the sample without lifting the loading ram from the

platen.

7.2.2 Testing Equipment

The ELE Digital Tritest load frame proved inadequate for use with the required stress
controlled cyclic loading regime. Its limited capabilities allowed only for manual
displacement controlled movement, creating a need for constant supervision and

surveillance of the measured stress. While some tests required only a few hours,
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many lasted for 16 to 20 hours, leading to the desire for an automated testing method.
The MTS load frame provided this automated service and was therefore used in the
cyclic portion of the research. Figures 7.6 and 7.7 show the MTS system and the
surrounding experimental setup.

Some simple changes were made to the data acquisition capabilities to allow for
the measurement to exhibit a greater or lesser sensitivity at given times during test-
ing. The desired cyclic results required accurate data to be captured during the
initial cycles in the test while the stress-strain-volumetric response prior to cyclic
loading, and later in the cyclic portion were not as crucial. To prevent large, unman-
ageable data files, a voltage controlled switch was integrated directly into the data
acquisition system. This switch allowed the reading intervals to be toggled between
30, 10 and 2 seconds. With this system, a wide degree of accuracy could be obtained
when desired.

The other testing equipment remained identical to that used in the monotonic
loading procedure as outlined in Chapter three.

7.2.3 Cyclic Triaxial Testing

The cyclic triaxial testing procedure differed from the monotonic in that the necessity
of control on stress limits caused a stress-controlled rather than strain-controlled
method of testing. The upper and lower load limits were pre-programmed into the
MTS system. As the test proceeded, load was cyclically applied and released in a
sinusoidal pattern through the load range.

The load limits were p—eriodically adjusted to account for area changes in the
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sample. The rate at which the test was carried out was controlled by the frequency
of the cycles. Ranging between 0.005 and 0.5H z, the frequency setting was dependent
on the stress limits and the buildup of pore pressures in the sample. A test that
required a greater stress range was conducted at a lower frequency, primarily because
of the desire to keep a consistent strain rate but also because of the length of time
allowing pore pressure buildup in each direction of loading. For example, a low
stress range will cause the axial conditions to alternate between compression and
expansion quite frequently. Accompanying volume changes will likewise alternate
as these responses are shown to closely follow the axial strain (Figures 7.8 to 7.19).
Thus, the pore pressures are only able to build up for a short period of time before
the load direction changes and internal pressure effects are reversed. On the other
hand, for a test with a large stress range, the time required between load direction
changes is much greater, allowing pressures to gradually change for a long period
before reversal.

Although the strain rates in the cyclic loading regime were higher than those used
in the monotonic testing, the suggestions of Lacasse and Berre [56] were followed and
the maximum allowable deviation of the internal sample pressures from the original
measured value was 2% of the effective confining pressure. At these pressures, the
cyclic testing results should not have experienced any strain rate effects different

from the monotonic results.
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7.3 Experimental Results

Enlarged views of the cyclic responses are shown in Figures 7.8 through 7.19. These
plots depict the evolution of stress and volume changes throughout the testing. Sev-
eral visual observations can be made from the graphs and behaviour is found to be
pressure, density and cyclic evolution dependent.

It should be noted that the near consistent responses of the Ottawa Sand sub-
jected to cyclic triaxial testing may suggest that these responses were controlled by
the testing apparatus and not the material characteristics of the sand. Further tests
should be performed to determine the influence of the system and therefore the ac-
curacy of the results obtained herein. However, a general trend could be deduced

from the tests obtained in this research.

7.3.1 Stress-Strain Characteristics

Characteristics common to all cyclic behaviour observed include shakedown condi-
tions, an increase in the slope of the stress-strain loops and contraction trends in the
volume change curves. The shakedown conditions were predicted to occur in most
cases. However, for the loading that began in the post peak portion of the curves
(Figures 7.3 and 7.4), complete failure, termed the runaway condition, of the soil was
expected. In this area, the soil had already lost its largest resistance and would have
experienced strain-softening under monotonic conditions being unable to withstand
the current stress level.

Reasons for the unexpected shakedown for post-peak conditions are obscure but
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could involve the method of loading, the type of sand used or the sample preparation
techniques. The MTS system was not capable of performing cyclic tests on post-peak
samples because of its inability to incorporate both stress-control and strain-control
in the same test. For this reason, the ELE Digital Tritest was manually controlled
through the stress cycle. With this procedure, sinusoidal loading was impossible,
and a ramp pattern was used instead where the direction of loading was reversed
immediately without slowing the loading speed. Although this should theoretically
not have any effect on the outcome of the testing, other unexpected time-rate effects
have been shown to influence the sample and may be extended to the cyclic loading
responses.

The absence of runaway (ratcheting) behaviour for post-peak conditions can also
be attributed to the rebuild of internal structure which masks the accumulation of
residual plastic strains as a result of a decrease in particle slippage recovery with the
number of cycles at such high stress ratio. A change in internal structure during the
cycles does not necessarily lead to large plastic strains especially in the case when
the structure is tending toward a stable, strong’ configuration such as at steady
state condition. The above discussion must be verified by measuring the structure
evolution during the test. Although this is outside the scope of this work, it can be
addressed in future research

An increasing slope in the stress-strain curves with the progression of number of
cycles is also evident in the behaviour of the Ottawa Sand. This is simply explained
by the reduction in strain limits with cycles. As the soil becomes stronger with
progressive loading, the rebound and contraction of axial length diminishes.
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The contraction trend in the volume change curves is another product of the
shakedown or strength-gain phenomenon. With each additional cycle, the soil be-
comes closer to steady state conditions until eventually the dilatant portion of the

curve equals that of the contractive and no further net volume changes occur.

7.3.2 Volume Change Characteristics

Density (initial grain packing), confining pressure, number of cycles and location of
commencement of cycles all have an effect on the behaviour of the volume changes in
granular materials. The following sections will define these dependencies and show

comparisons between the various plots.

Density

Density dependencies can be seen when comparing loose and dense samples at strain
position (1) in Figures 7.8, 7.10, 7.12 and 7.16. At this position, the behaviour
of the samples can be compared as they are both in a contractive state prior to
cyclic loading. The differences between the behaviour of the two initial densities are
witnessed in the first cycles of the volume change plots (see Figures 7.8, 7.10, 7. 12 and
7.16). The unloading curves of the dense sand show dilation while those of the loose
sand show a slight contraction. This results from the structure of the sample at the
first unloading curve. The loose sand has not yet built up much structural strength
and the sample continues to contract slightly with the release of load. The dense
sample however, builds up strength and has few void spaces, causing it to rebound
as the incremental load direction is reversed. At later cycles in the loading regime,
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the loose and dense specimens begin to behave in a more similar manner, with both
contraction and dilation occurring in each cycle. Another difference in loose and
dense behaviour is seen in the global contraction. A loose sand will achieve greater

overall compaction for a given number of cycles as shown in Figures 7.1 to 7.4.

Confining Pressure

The increase of confining pressure tends to mute the volume change effects of the loose
sands (Figures 7.8 to 7.11) and the dense sands in positions (1) and (2) (Figures 7.12,
7.16, 7.13 and 7.17) when observing individual cycle behaviour. The dense sands in
positions (3) and (4) however, tend to show wider ranges of volumetric strains with
increasing confining pressure (Figures 7.14, 7.18, 7.15 and 7.19).

On a global level, comparisons of Figure 7.1 with 7.2 and Figure 7.3 with 7.4
show the increased axial strain range for cycles at higher confining pressures. A
possible explanation of this behaviour could be the increased ductility of sands as in
the monotonic loading regime at large confining pressures as discussed in Chapter
six. This allows for increased irrecoverable strains at higher confining pressures.

The accumulation of plastic strains is witnessed in Figures 7.1 and 7.4 by the
trend of movement to the right in the volume change curves. The observation of
the dense samples show that at lower confining pressures (Figure 7.3) plastic strain
accumulation occurs in every sample while at higher confining pressures (Figure 7.4)
this accumulation is evident only in the samples tested at higher stress ratios. To
explain this phenomenon, monotonic behaviour is once again used, as increases in

confining pressure tend to cause the sample to exhibit a less brittle behaviour. Strain
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per cycle is be a result of recoverable elastic strains, with few accumulated plastic
strains incurred. At the higher confining pressure the increased stress ratios are
sufficient to strain the soil through the elastic range and into the range of plastic
behaviour, giving rise to the accumulated plastic strains in these samples over the

cycles.

Trends of the Unloading-Reloading Curves

While the global trend of all volume change curves in the cyclic triaxial experiments is
contractive, the tendencies of the individual loops also present interesting behaviour
of sands. To better explain this behaviour, the loose sand is divided into strain
positions (1) and (4), representing initial contractive and constant volume conditions.
The dense sand is divided into positions (1), (2 and 3) and (4) representing initial
contraction, dilation and constant volume conditions. The confining pressure, while
reflected in the amounts of volumetric and axial strain in the individual cycles,
does not show a significant influence on the directional trends of the unloading and
reloading curves. The cyclic behaviour is studied both at the onset of repetitive
loading and later on in the loading regime as the behaviour of the cycles becomes

consistent.

Initial Cyclic Behaviour (2-4 cycles) The loose sand at point (1) (Figures 7.8
and 7.10) shows contraction throughout unloading. The reload curve gives a slight
initial dilation, followed by contraction. At position (4) (Figures 7.9 and 7.11), the
unloading trend is contractive and then dilatant while an increase in load gives purely

contractive volumetric strain.
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In the initial curves of the dense specimens at position (1) (Figures 7.12 and 7.16),
a release of the axial load causes contraction and subsequent dilation. The reappli-
cation of stress causes dilation, then contraction. Positions (2) and (3) (Figures
7.13, 7.14, 7.17 and 7.18) result in almost pure dilation in the unloading curve, and
contraction in the reloading curve. In the final position (4) (Figures 7.15 and 7.19),
the sample shows a mild expansion before exhibiting a contractive trend during un-
loading, and contracts initially with reloading before exhibiting dilatant behaviour.

Behaviour in the Later Cycles(10+) The trends of the volume change curves
in the later cycles become less dependent on density and the previous monotonic
loading. The unloading curves show contraction followed by dilation, with the oppo-
site observed in the reloading regime. The only exception is the dense sands nearing
constant volume conditions (position 4). In this case, pure dilation is caused by the
release of axial stress and contraction by the subsequent stress application.
Another substantial trend in the later cycles is that the position of the reload
curve is entirely above the unload curve on the volumetric strain versus axial strain
plot. This merely shows that the volumetric changes throughout the cycle can be

maintained even as the global volume changes of the sample near negligible values.

7.4 Conclusions

The conclusions drawn from the triaxial cyclic loading regime are as follows:
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1. The effect of density on the cyclic behaviour is seen when comparing loose and
dense responses at position (1) when both are in a contractive state. The loose
sand shows additional contraction with unloading as the sample has not yet
reached a state where much particle slippage has occurred. The dense sample
exhibits dilation with the release of stress. The large scale behaviour is also
influenced by density. Loose samples experience greater contractions per cycle
than dense samples because of the ease of contraction in sands with void ratios

greater than critical.

2. Confining pressure effects on cyclic results reflect monotonic findings. Dila-
tant sections of the loops are more defined at the lower confining pressures as
these smaller stresses allow for gré'ater expansion. Volume change (contrac-
tion) per cycle is not as great and the axial strain ranges are more narrow at
the lower confining pressures. Accumulations of plastic strains are greater at
small confining stresses when compared to larger stresses. These results reflect
the monotonic sand behaviour which shows an increased ductility in a sample
which is sheared at higher confining pressures. Greater recoverable deformation

is exhibited before the onset of plastic deformation.

3. A detailed description of the volume change trends in the individual cycles
is difficult to define in terms of pressure and density dependencies for the
initial few repetitions of loading. However, the characteristics of the mature
cycles are more simply described as they are similar for all of the initial sample

. conditions with the unloading behaviour showing contraction, then dilation and
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the reloading behaviour showing the opposite. In both cases, it is seen that
the volume change trends do not closely follow the direction of axial strain.
An explanation for this could lie in the grain structure of the sand and the
influence of loading on its strength. Material structure rebuild is permitted
to occur in the latter portions of the unloading path as the sand is no longer
subjected to much axial stress. This rebuild is also evident at the end of the
reloading path due the redistribution of grain contact forces from the weaker
contacts to the stronger contacts, creating a bridging effect. These structural
changes in the sands allow for the continued volumetric trends as the reversal
in shear stresses must first overcome the material strength due to structural

buildup before it can influence the volume change characteristics of the sand.

. Based on the discussion in item (3), more work needs to be done in the mea-

surement of microfabric and energy dissipation during a test.

. Observation described in this study are limited to conventional triaxial stress
conditions. In other stress paths such as cases where principal stress directions
rotate, grains could have more freedom to move. The material response will

be very much biased by microstructure change rather than slip phenomenon.
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Figure 7.1 Cyclic Triaxial Testing Results on Loose Ottawa Sand; 63 = 200kPa
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Figure 7.2 Cyclic Triaxial Testing Results on Loose Ottawa Sand; 03 = 800kPa
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Figure 7.3 Cyclic Triaxial Testing Results on Dense Ottawa Sand; 03 = 200kPa
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133

SUORNISOJ UleNS JO uoned’07| §°L 3Ly

(

¥y

)

()

250077

)



134

Figure 7.6 Cyclic Testing Apparatus Setup
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Figure 7.7 MTS Loading Frame
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Figure 7.8 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime

(strain position #1); 63 = 200kPa
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Figure 7.9 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime

(strain position #4); 63 = 200kPa
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Figure 7.10 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime

(strain position #1); 63 = 800kPa
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Figure 7.11 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #4); o3 = 800kPa
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Figure 7.12 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #1); 63 = 200kPa
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Figure 7.13 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #2); 63 = 200kPa
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Figure 7.14 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime

(strain position #3); 63 = 200kPa
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Figure 7.15 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime

(strain position #4); 63 = 200kPa
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Figure 7.16 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #1); 63 = 800kPa
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Figure 7.16 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #1); o3 = 800kPa



Volumetric Strain (%)

Stress Ratio, R

147

5 ¥ ' ¥ ] l J L4 ¥ ¥ l L ] T J l i L] '
| Stress-Strain ]
N scsﬂmgr?om J
4 R eo=0.540 _
3 b :
2 [ :

l i 1
1.5 . 3.5
Axial Strain (%)
(a)

0.4 L S A L A A
L N=1 .
0.2 | ]
i Volumetric Strain Response
A 0,=800kPa )
ol €,=0.540 -
0.2 .
N 4 ]

-0. 4 i " ) N . § = (o 0.0320, 5 " 2

1.5 2 2.5 3 3.5
Axial Strain (%)
L))

Figure 7.17 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #2); 63 = 800kPa
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Figure 7.17 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime

(strain position #2); 63 = 800kPa
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Figure 7.18 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #3); 65 = 800kPa
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Figure 7.19 Behaviour of Dense Ottawa Sand in the Cyclic Loading Regime
(strain position #4); 63 = 800kPa



Chapter 8

CONCLUSIONS AND RECOMMENDATIONS

8.1 Summary

This research included experimental triaxial testing on a fine Ottawa Sand with the
results being utilized in the verification of a modified stress-dilatancy relationship.
The reconstituted samples were prepared (;ver a range of densities and tested through
a range of confining pressures to obtain the 11 parameters necessary to validate the
proposed constitutive model.

The experimental portion of this research originated with a study to determine
the optimum method of sample preparation to ensure a homogeneous, reproducible
reconstituted sand specimen. This method was found to be the wet tamping proce-
dure and, with practice, essentially identical samples could be produced for use in
the triaxial tests.

Three initial void ratios and as many confining pressures provided nine indepen-
dent testing conditions. The results of these tests were sufficient to describe the
measured density and pressure dependencies of the fine Ottawa Sand behaviour.

Cyclic triaxial testing was performed on the Ottawa Sand at an observational
level. Experiments were conducted on the two extreme void ratios, 0.53 and 0.70,
and confining pressures, 200 and 800kPa. The commencement of the cyclic loading
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was controlled and occurred at strategic axial strain values. A total of 12 tests were
performed, with the responses graphed and discussed in Chapter seven.

Subsequent to the presentation and discussion of the experimental program, a
proposed constitutive method of granular material behaviour prediction was pre-
sented. This model is unique when compared to others in that it allows density
and pressure dependencies of the behaviour to effect the model predictions without
involving complicated calculations and procedures. The experimental results are an-
alyzed and the 11 required parameters are extracted for use in the model verification.

Plots of the measured and calculated curves are compared to analyze the model’s
ability to predict stress-strain, volumetric and dilatancy responses. A discussion of
the discrepancies between theoretical and experimental results includes comments

on possible experimental errors, as well as model oversights.

8.2 Conclusions

The following statements can be made about the monotonic, drained, conventional
triaxial testing of fine Ottawa Sand, the proposed stress-dilatancy relationship with
pressure and density dependencies, the resulting constitutive model describing gran-

ular material behaviour and the characteristics of fine Ottawa Sand subjected to low
frequency, drained, cyclic loading.

1. Buildup of pore water pressures during the isotropic consolidation and shearing
of the samples were observed to be greater than the recommended allowable

values when using consolidation rates of one second per kPa and strain rates
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of 10% per hour. These rates correspond to typical values used in triaxial test-
ing, recalling that the drainage of granular materials in such tests is considered
instantaneous. A blockage in the tubing or fixtures between the platens and
the internal pressure source was most likely the cause of the internal pressure
buildup, as testing done both with and without free ends showed similar re-
sults. To maintain acceptable pressure values, the rates of consolidation and

shearing were slowed to two to four seconds per kPa and 3.5 to 6.5% per hour

respectively.

. The preliminary investigation into the physical material properties of Ottawa
Sand encompassed the determination of particle size distribution, specific grav-
ity and maximum and minimum void ratios. The results of this testing were
typical of the material, with the exception of the maximum void ratio, which
was slightly lower than previously published values. This finding is not unusual,
as the methods of analyzing the maximum void ratio is non-standardized and
the results are highly dependent on these methods as well as the individual

performing them.

. The use of enlarged platens provided additional area for the lateral expansion
of the sample during shear. This allowed the experiments to continue to a high
value of axial strain as the outward radial strain of the sample was accommo-
dated by the excess space. This was shown to be particularly important for
the dense samples as the volumetric expansion during dilatant behaviour was

reflected entirely in the direction of minor principal stress.



154

- Homogeneity of the sample was promoted by the implementation of free ends, a
1.2 to 1 height to diameter ratio and radial wet tamping procedure. While the
preparation and testing of perfectly uniform reconstituted samples is difficult,
the use of the above techniques did much to alleviate localized behaviour.

. The flushing of the sample with CO, prior to saturation reduces the time
required to flush water through the sample as well as the back pressure needed

to achieve complete saturation.

- The use of push-to-connect fittings in the triaxial cell base and top platen
instead of the typical o-ring seal allowed a tight connection in the internal cell
pressure tubing. The pressure differential between cell and sample stresses was

easily maintained throughout the research.

. Filter paper was required at the soil-platen interface, as the sand grains were
small enough to penetrate the porous stone and enter the drainage outlets.
This caused undesirable changes in soil mass during the drained testing and

created difficulties in the connections of the system.

. The use of a free end design without the circular drainage cutout was ob-
served to visibly reduce bulging behaviour of the sample at high axial strains.
Drainage for this new design was provided by four small notches cut into the
free end. Strips of filter paper were placed around the notches to allow water

movement from the sample to the porous stone.
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Comparative triaxial tests performed on loose and dense samples exhibited the
effects of free ends on experimental results. The loose sample response was
essentially identical regardless of the chosen end conditions. However, dense
samples tested with frictionless ends showed lower peak strengths, less strain-
softening and greater contractive and dilatant responses when compared to
those tested with rough ends. This behaviour is expected as the volumetric
strain of a specimen of low density shows contraction throughout the deviatoric
load application, while the that of a dense material is predominantly dilatant.
The radial expansion exhibited during contraction is quite small, muting the ef-
fects of the soil-platen interaction. Conversely, relatively greater radial strains
are experienced during dilatant behaviour, amplifying the influence of the fric-

tional stresses that the platen distributes to the soil surface.

Results of the monotonic triaxial testing experiments showed typical granular
material behaviour for the loose, medium dense and dense samples. The dense
plots all exhibit peak and residual behaviour with volume change curves show-
ing initial contraction followed by expansion. The medium dense curves also
demonstrate these characteristics, although to a lesser extent. Loose sample
responses show no evidence of strain softening or dilation within the range of

applied confining pressures.

Within the capabilities of triaxial apparatus used in this research, constant
volume conditions are witnessed in only the plots of the loose material. The

axial loading was stopped prior to this condition for both the dense and medium
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dense material, as the radial expansion of the dense sand reached the edges of
the platen and the axial strain of the medium dense sand exceeded 30% before

volume changes ceased.

The influence of confining pressure was typical. Increases in the hydrostatic
stresses lower the peak stress and strain softening response. Greater contractive
behaviour is also demonstrated, as loose samples will densify to a greater extent
and dense samples will exhibit less dilation.

The determination of the initial shear modulus parameter, Gy, from exper-
imental results was underestimated due to the insensitive small strain mea-
surements of the initial portions of the stress-strain curves. However, when
using the initial slope of the unloading curves from the cyclic portion of the
research, a much higher value of is Gy obtained. This larger value, was much

more successful when used in the model predictions.

The parameters used in the mobilized friction angle equation, a and 3, were
found to be overestimated when calculated from the experimental data. These
values were adjusted in a similar manner as the G, constant, resulting in a

more accurate correlation between model and experimental behaviour.

The model proposed in this research predicts relatively accurate results of the
strength and volume change characteristics of fine Ottawa Sand. The use of a
modified stress-dilatancy relationship allows pressure and density dependencies
of granular materials to be reflected in the model predictions. The actual mea-

surement of dilatancy, however, is difficult to characterize due to its sensitivity



16.

17.

18.

157

with respect to determination techniques. Laboratory values of the dilatancy
factor were measured by the slope of the volumetric strain curves. While there
are definite similarities between the model and experimental values of volume
change, the slopes of the curves are not as similar, leading to discrepancies in

the comparisons of the stress-dilatancy plots.

Model predictions seemed to better describe the experimental results of triaxial
testing when the mobilized friction angle constant, a, was made a function of
void ratio. To maintain the simplicity of the model, however, this relationship

was not utilized in the research.

The use of the model to describe the behaviour of Ottawa Sand under con-
ditions not explored in the experimental portion of this research, such as ex-
treme densities and confining pressures, demonstrates the ability of the modi-
fied stress-dilatancy relationship to characterize material behaviour over a wide
range of conditions. The impact of the above variables is also seen to have a

prominent effect on the strength and volume change behaviour of granular soils.

The use of the MTS load frame for cyclic triaxial testing of the Ottawa Sand
created difficulties in that it did not allow both stress-controlled and strain-
controlled loading to occur in the same test. This limited its use in the cyclic
loading that commenced after the onset of strain-softening behaviour as this
required the ability to monotonically load the material to a given strain and
then provide the stress limits of the cyclic regime. The large load capacity of
the MTS also caused difficulties in the testing, as the lack of sensitivity at the
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required shear stress of the sand reduced the accuracy of stress application.

Unstable (runaway) behaviour was not observed, as expected, for the sands
subjected to cyclic loading during post-peak conditions. Instead these tests
displayed shakedown conditions similar to all other cyclic experiments. This
could be due to the use of ELE load frame, which was employed instead of
the MTS system in these cases, as this machine is capable only of strain con-
trolled loading. Other system errors, such as drainage capabilities, could also
be responsible for the uniform behaviour of the soil samples independent of

pressure, density and stress ratio in the cyclic testing

The stress-strain responses of cyclic testing show a consistent decrease in strain
limits as the number of cycles increase. These limits eventually become con-
stant as the expansion and contraction segments of strain become equal and

further cycles no longer cause net axial strain.

The volume change characteristics of cyclic testing do not correspond to the
axial deformations. Emphasized after a number of cycles, the unloading and
reloading curves show segments of both contractive and dilatant behaviour.
This suggests that a change in axial stress direction will not be immediately
reflected in the volume change of the sample as the internal structure undergoes

momentary locking before any deformation takes place.

Loose samples subjected to cyclic loading require more cycles than dense sam-
ples to exhibit dilatant behaviour in the initial portion of the reloading curve
and contractive behaviour in the initial portion of the unloading curve. This is
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because the loose sand is gradually densifying with cycles, eventually behaving

a dense material.

Increasing confining pressure tends to hinder the extent of contraction and
expansion in the individual cycles and promotes the overall contraction of the

sand throughout the test.

The influence of the amount of strain prior to cyclic loading on the volume
change results is primarily due to the density of the material. A large portion
of monotonic shearing prior to the cyclic loading will cause an initially loose
sample to densify and an initially dense sample to become less dense. If the
cyclic loading is initialized at very large axial strains, constant volume condi-
tions should control the behaviour of the sand, irrespective of the initial void

ratio.

Further Research

While an extensive list of conclusions incorporating the monotonic and cyclic testing

regimes, the parameter determination methods and the capabilities of the proposed

stress-dilatancy model were drawn in the previous section, these topics have not yet

been exhaustively researched. Future studies are needed in the development of an

effective means of characterizing granular material behaviour and the experimental

knowledge to support these theories.

The methods used in this testing program were generally those accepted in the
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field of geotechnical engineering. However, specific requirements of the model para-
meter determination create the necessity to further delve into the means of sample
preparation and soil testing. Suggestions for further research in the triaxial testing
of granular materials are offered below, accompanied by possible modifications to

the proposed model and the cyclic loading investigation.

1. The reduction of localized behaviour was visibly observed when using free ends
without centre drainage holes, however, no test results were extracted from
the experimental program as this was outside the scope of the research. The
reduction of the platen soil stress interface should be examined to determine
whether the use of the proposed free ends are influential to the behaviour of

the sample.

2. A measurement of the homogeneity of the samples was not undertaken in this
testing program. This type of experiment would be necessary to determine
whether the given material parameters are valid as the model assumes a ho-

mogeneous soil.

3. The use of end platens with a diameter 13mm greater than the sample was nec-
essary to reduce resistance at the specimen ends. While functioning favourably
for the loose and medium dense samples, the cross-sectional area of the dense
samples, which experienced relatively large amounts of dilation during shear,
expanded past the edge of the platens prior to reaching the desired constant vol-
ume conditions. Larger end platens should be used in triaxial testing of dense

materials when undertaken for the purposes of constant volume research.
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4. Time dependent behaviour is assumed not to affect the testing of granular ma-
terials, however, the fine Ottawa Sand sample did not experience instantaneous
drainage. This was likely due to a blockage in the drainage system. Difficulties
with the fluctuating pore water pressures were alleviated only by reducing the
axial strain rates. Further work could be done to determine the exact cause
of the pore pressure buildup and methods to ensure its prevention in future

triaxial testing.

5. The need to determine the stress-strain behaviour of the sand at very small
strains stems from the model parameter requirement of the small shear strain
constant, G,. The measurements of this value are required at axial strains of
up to approximately 0.05%. Unfortunately, the capabilities of the axial strain
measurement must also extend to values over 30% to capture the constant
volume behaviour of the soil. The external linear displacement transducer
used in this research was adequate for the latter readings, but did not provide
the accuracy needed for the former strain values. The improvement of the
method of axial strain measurement is essential in the use of the proposed

stress-dilatancy model because of its dependency on the shear modulus.

6. Difficulties were encountered with the model’s ability to characterize the mo-
bilized frictional angle curves when incorporating the constant values of a and
B. Subsequent observation of the model parameters showed that a better cor-
relation could be attained when varying the a value with current void ratio.

Although this was not implemented in the current study, it may be valuable



10.

11.

162
in future research.

The parameters used in the validation of the stress-dilatancy model were de-
termined by using all of the triaxial data in the monotonic loading regime.
This model was then compared to the same triaxial data. Further comparisons
should be undertaken using the parameters determined in this research and

data independent of the research.

Ottawa Sand was the only material tested in the determination of the model’s
validity. Additional comparisons to the experimental measurements of other
granular materials are required to both strengthen the verification of the stress-

dilatancy model and provide insight towards necessary model modifications.

The cyclic testing regime undertaken in this research did not achieve results
of great accuracy as the equipment used was not particularly suitable for the
testing of soils under relatively low confining pressures. More advanced equip-
ment is necessary before undertaking a testing program which is capable of

measuring accurate and reliable triaxial testing results.

The consistant results of the cyclic experiments over wide ranges of density,
confining pressure and stress ratio suggest the domination of system responses
over soil behaviour measurements. Tests performed using a dummy sample

could show the extent of these system influences.

The modified stress-dilatancy relationship [7] has done much to improve the
ability to predict the behaviour of granular materials by expanding accepted
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theories to incorporate pressure and density dependencies. Further work is
needed, however, to expand this model once again, accounting for factors such
as stress path influence, stress induced anisotropy and low frequency cyclic
loading. For example, the inclusion of particle slip and override considerations
in the model is sufficient to describe the behaviour of the Ottawa Sand under
compressive conventional triaxial conditions. If the testing involved a change in
principal stress direction however, the influence of particle microstructure and
rolling effects may require the modification of the model. Undrained results
should also be explored as the volume change in the model can be constrained to
zero. The calculation of effective stresses can then be used to determine pore
pressures by subtracting these effective stress values from the total stresses

applied to the sample.



Appendix A

Determination of Model Parameters

This section describes the development of the model parameters from the experi-
mental data provided in Chapter 4 and the model relationships given in the initial

pages of Chapter 5.

A.1 Critical Void Ratio

The extraction of the critical void ratio parameters, her and ner, from experimental

data originates from Equation 5.14

Cor = 6o EXP [- (%) ,.,] . (A1)

The expression is first normalized to

ecro/ er =

164
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The first log of the equation yields

In(€ero/€cr) =In(1) —In (‘“p [‘ (Fp;) MD

which reduces to
In = (2"
(eCU'O/ eﬂ’) ( h,_,. ) -

Taking the second log of the equation gives the linear relationship
In(In(ecro/€cr)) = Mer In(p) — ngr In(her)

where the slope of the In(In(eo/€.)) vs. In(p) graph is n.. and the y intercept is
—ncrIn(he). Figure A.1 shows this relationship for the loose Ottawa Sand, giving
an n. value of 0.232 and a value —n. In(k,) of —3.45. The medium dense and
dense data were not used in the determination of the critical void ratio parameters,
as the specimens of these densities were not observed to reach critical conditions at
the end of the triaxial testing regime. Figure A.2 displays the comparison between

the model and experimental results, with excellent correlation of the two curves.
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A.2 Parameter Alpha, o

The graphical determination of « is given in Figure A.3 with the double log plot of
X vs. (e/ecr). The value of a is equal to the slope of the graph, measuring 1.69.

A.3 Hydrostatic Compaction

The method of determination of the hydrostatic compaction parameters is essentially
identical to that of the critical void ratio parameters. One exception is that the
experimental data from all three initial densities are used, as it is not important

whether or not the soils reached critical state. The expression

In(In(eo/e)) = m In(p) — m In(h;)

resulted in the linear graphical solution at the three soil densities as shown in Figure
A.4. The resulting average of the y-intercept gave an —m In(k;) value of 5.492 and
the slope showed an m of 0.43.
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Figure A.2 Comparison of Experimental and Model Determination of Critical

Void Ratio
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